ASSESSMENT OF SEISMIC PERFORMANCE CHARACTERISTICS OF REINFORCED
- CONCRETE BUILDINGS CONSTRUCTED BETWEEN 1936 AND 1975

D. R. Brunsdon‘I and M. J. N. Priestley2

SYNOPSIS

This paper describes the results of an investigation into the
expected seismic performance of reinforced concrete buildings

constructed between 1936 and

Typical design and con-

struction features of these buildings are reviewed, including
a chronological comparison of post-1935 seismic design levels.
Two reinforced concrete frame buildings constructed in the
1950s were the subject of inelastic analysis, and it is found
that member shear and poor joint performance tended to govern
the ultimate response. An analysis procedure for evaluating
the seismic performance characteristics of reinforced concrete

. frame elements is proposed.

studies illustrate this

method, one of which highlights the adverse influence of high-

ly eccentric building layout.

INTRODUCTION

In recent years considerable attention
has been given to improving the seismic
resistance of existing unreinforced mason-
ry and concrete buildings that were de-
signed before December 1935. Thif date
marks the publication of NzZSS 95 , the
first code in New Zealand to require all
buildings to be subject to seismic design
requirements. However, inevitable short-
comings 05 both NZSS 95 and its successor,
NZSS 1900 (first published in 1964) sug-
gest that buildings constructed between
1936 and 1975 may possess insufficient
strength and ductility in comparison with
structures designed fo the current loadings
code, NZS 4203:1976° and associated mate-
rials codes.

This study was undertaken with the aim
of investigating design characteristics
of buildings constructed during this per-
iod, and to thereby attempt to predict
the likely performance of such structures
if subjected to a severe earthquake.

Seismic Design Requirements

The principles wunderlying the seismic
design provisions of NZSS 95 are the same
as those which provide the basis for the
subsequent standard NZSS 1900 and NZS 4203.
These include the desirability of symmetry
and integrity of structural components,
the use of an equivalent static force
method of analysis to determine horizontal
design forces and the use of stiffness
analysis methods for distributing the
design forces. The key difference between
early and current codes is that structures
designed according to NZSS 95 were assumed
to remain elastic, with working stress
methods being used for all materials.
This was also the case with N2ZSS 1900,
although the concept of ductility was
introduced in general terms.

It is of interest to compare the magni-
tudes of the seismic design coefficients
specified by NzZSS 95, NzZSS 1900 and NZS
4203, for short period structures
(T<0.45 sec). This category encompasses
the majority of buildings constructed
during the period of interest, for it in-
cludes buildings in which either walls
or low-rise frames predominate.

Examination of the raw coefficients speci-
fied by the codes does not, however, give
a fair comparison, because of two factors.
First, since NZSS 95 and NZSS 1900 stipu-
late elastic design to specified stress
limits, conversion to equivalent ultimate
strength coefficients must be made before
comparison with NZS 4203 levels. Second,
NZS 4203 recognises ductility capacity
of different structural systems detailed
to current material codes, by specifying
structural type factors (S) and material
factors (M). The level of ductility, u
regquired of a structure is implied by the
expression

U = = (1)

In the earlier codes, levels of ductility
demand were not stated, nor implied, and
material codes did not include detailing
requirements to provide ductility. Thus,
though a comparison of seismic design co-
efficients is easy to make, it bears 1lit-
tle resemblance to the relative intensity
of ground shaking able to be sustained
by buildings designed to the different
codes. In order to provide some insight
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into this aspect, Figure 1 compares equi-
valent ultimate strength base-shear co-
efficients, multiplied by the design duc-
tility level. By the equal displacement
principle, this can be considered equiva-
lent to the elastic response level of a
structure with the same period, but unli-
mited strength. The appropriate coeffi-
cient for structures designed to NZS 4203
(including the draft amendment A3) is thus

ceu = CSMRy (2)
Putting the risk factor R = 1 for conveni-
ence of comparison, and noting from equa-
tion 1 that SMup = 4, then

Ceu = 4C (3)

regardless of structural form.

For structures designed to the earlier
code, the level of available ductility
is uncertain, and will depend on struc-
tural form, failure mode, material, and
detailing. Coefficients plotted in Figure
1 have been converted to equivalent ulti-
mate values by the equation
100

Coy = Ol Cu’ (4)

where C 1is the specified coefficient,
and p is the allowable material stress
[typically reinforcement tension stress]
including overstress allowance for seis-
mic load expressed as a percentage of
yield stress, allowed in the appropriate
materials code of the day. Note that
to provide a fair comparison the current
strength reduction factor, ¢ , must be in-
cluded in equation 4. Assuming a rein-
forced concrete structure and a beam hin-
ging mechanism, the appropriate value
is ¢ = 0.9.

A range of possible ductility capacities

(u') is shown in Figure 1 for early struc-
tures, although it 1is considered that
p' = 2 is the most appropriate for com-

parison purposes, due to the likely in-
fluence of poor shear capacity and in-
adequate confinement. This diagram in-
cludes a transition =zone linking values
applicable in NZSS 1900 in 1970 to those
of NZS 4203 in 1976 due to the gradual
change from working stress to ultimate
strength design methods during this
period.

It can be seen that buildings designed
to NZISS 1900 with a ductility capacity
of uy' = 2 are capable of withstanding
approximately 60 percent of current
levels, irrespective of location. Simi-
lar structures designed to NZSS 95 and
located in seismic zone A are, however,
capable of withstanding only 40 percent
of the current design seismic level.

This graph can also be used to illustrate
the 'moderate' earthquake level used for
strengthening buildings, and defined by
section 624 of the Local Government Act
of 1979 to be one half of the NZSS 1900
lateral force levels. This applies pri-
marily to pre-1936 unreinforced masonry
and concrete structures, but is of inter-
est due to its contentious nature. For
the u' = 1 case which is appropriate for

non-~ductile masonry, Figure 1 shows that
this legislative moderate earthquake cor-
responds to approximately 15 percent of
present code levels. Similarly, the com-
monly adopted wupgrading lateral force
level of two-thirds of the level specified
by NZSS 1900 corresponds to 20 percent
of NZS 4203 levels.

Ductile Detailing

The effect of the lack of ductile detail-
ing is a significant unknown in assessing
the behaviour of early reinforced concrete
structures. The need for adequate detail-
ing measures was not appreciated by early
designers, nor required by codes and this
can be 1illustrated by considering the
arrangement of transverse reinforcement
in critical regions of frame members.
The spacing of stirrups in potential plas-
tic hinge regions of beams and end-zones
of columns were governed by shear require-
ments only, with no consideration given
to providing confinement for the core con-
crete, or compression reinforcement, of
these members. The stirrup spacings in
frames of early design are typically
greater than six times the diameter of
the main reinforcing bars, which implies
that the core concrete is effectively un-
confined. Anchorage of transverse rein-
forcement was also typically inadequate
by today's standards.

However, despite this apparent shortcoming,
these members may still theoretically
achieve relatively high section curvature
ductilities. Considering the beam of a
typical mid-1950s frame represented in
detail B of Figure 3 . as an example, cal-
culations indicate that a section curva-
ture ductility of approximately 10 can
be expected from this member. This result
is based on the assumption of an uncon-
fined section (stirrup spacing = 6.8 d,),
with a maximum concrete compression strain
of Ec = 0.004.

A potentially more critical area with res-
pect to ductile detailing is the beam-
column joint core. The joints of frames
constructed up until the early 1960s typi-
cally feature no horizontal or vertical
joint reinforcement, as illustrated in
Figure 2a. This means that joint shear
resistance comes only from the core con-
crete itself, although the intermediate
vertical column bars may provide some ver-
tical shear capacity. Also of concern
are the methods of beam bar anchorage com-
monly employed in exterior joints, some
of which are illustrated in Figure 2b.
Plain bar was used for flexural reinforce-
ment, and slippage through the joint core
could be expected at an early stage of
ductile response.

Materials Strengths

Recent investigations by the Ministry of
Works and Development have indicated that

actual values of f' and £ in existing stmc

tures may be consigﬁfab%ny%gher than ori-
ginally specified ! ! . Results of
tests on concrete core and reinforcing
steel samples taken from three road brid-
ges constructed between 1933 and 1940
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prior to demolition are shown in Table
1. In particular, it will be noted that
actual concrete strengths at 50 years
exceed the specified 28 day strengths
by 200 percent on average.

A comparative analysis was carried out
to determine the influence of enhanced
concrete strength on member capacities,
using a f' value of 1.5 times that origi-
nally spébified. The possible increase
in the yield stress of reinforcing steel
was not quantitatively considered, as
any increase does not appear to be either
as predictable or as significant as for
concrete. Results of this comparison
are discussed under the relevant member
strength headings in the following sec-
tion.

EVALUATION OF MEMBER CAPACITIES

This section looks at the use of current
design methods to evaluate the strengths
of individual members of frames construc-
ted during the period of interest, with
particular emphasis on the applicab%%%ty
of the seismic provisions of NZS 3101
Typical member section details of two
frames constructed in the mid-1950s are
shown in Figures 3 and 4.

Beam Flexure

Ultimate strength methods can be applied
without difficulty to determine the flex-

ural strength of beams. Reinforcing bars -

were almost universally Grade 275 until
the late 1960s, and all bars were typi-
cally non-deformed until the early 1960s.
This latter point cannot be taken into
direct account when determining flexural
capacities, but the 1likelihood of poor
bond performance resulting in degradation
of moment capacity in plastic hinge re-
gions as a result of cyclic inelastic
action must be accepted.

Using a concrete strength 50 percent
greater than originally specified as des-
cribed in the previous section produced
increases in the flexural capacity of
less than 5 percent. The increase was
much less significant for the positive
moment case, for the increase in the in-
ternal lever arm is less pronounced with
the shallow compression block of the 'T'
flange.

Beam Shear

The shear design provisions (fpntained
in Chapter Seven of N2ZS 3101 define
two levels of concrete shear contribution,
Ver is given by

Ve = vy = (0.07 + 10pw)/fé Code (Eq 7-3)

and

v, =V + VvV

i c 5 (Clause 7.3.6.2)

is referred to as the ideal non-ductile
beam shear capacity.

The ductile provisions are aimed at esti-
mating the dependable shear resistance
at maximum expected ductility. For a duc-
tile reinforced concrete frame, member
ductilities of up to p = 8 can be expected.
However, the shear capacity is likely to
degrade gradually from the non-ductile
value to the ductile value as ductility
increases.

Since ductility capacity of structures
designed to the earlier codes is likely
to be limited, the non-ductile shear capa-
city appears to be the more relevant value
when seeking to initially determine the
ultimate response of a frame structure.
This point is discussed further later on
in this ﬁgFicle, and at greater length
elsewhere .

Enhanced concrete strength clearly does
not affect predicted shear strength in
potential plastic hinge regions. Non-
ductile shear strength of typical examples
was found to increase by about 7 percent
for a 50 percent increase of f'. Though

this is greater than the flexufal enhance-
ments, it is still rather insignificant.

Column Flexure

The flexural strength of existing columns
can be determined using ultimate strength
methods, bearing in mind the comments made
earlier for beam flexural capacities.

The principal difficulty in calculating
column flexural strengths relates to the
estimation of the level of axial load that
is likely to be acting. For design, the
greatest tension (least compression) and
maximum compression axial loads are used,
and to this end, two different axial load
cases are generally employed. They can
be expressed in capacity design terms as

Pe'= PD + PLR + Peq (5)
and
- _ o
Pe = O.9PD Peq (6)
in which P? = the extreme earthquake in-

duced axiaiqforce. The use of two separ-
ate cases in analysis is undesirable, for
this complicates the assessment of the
fram?9)as a whole. Previous resarch by
Jury , in which four frames of varying
geometries were investigated using inelas-
tic time-history techniques, illustrated
that the minimum compression values given
by Equation (6) above were never approached
under either the El1 Centro or Parkfield
excitations. For these reasons, a single
load case of the form

- o
Pe = PD + PLR + Peq (7)

is suggested for use in the analysis of
existing frame structures.

A further problem involves determining
P° , for initially the appropriate level
of91lateral load resisted by the frame is
unknown. To circumvent this problem, an
elastic frame analysis assuming a fully
ductile response (ie S = M = 0.8) can be
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carried out to determine P__. The extreme
earthquake-induced axial t8ad P;q can be
determined from

P° = AP (8)

eq eqg

where A = Voe
Vcode ()
in which Voe = shear <demand associated with

the development of flexural
overstrength in beams

Vcode = shear force obtained from
the frame analysis.

The factor X is approximate in nature,
as 1t requires averaging of values ob-
tained for each beam in each direction,
and is based on the assumption that full
beam overstrengths can develop. It 1is
advocated that A be based on first floor
parameters only, in order to simplify the
computational process.

Using a value of 1.5 f' in the sample cal-
culation of column fleXural capacity gene-
rated an increase of between 5 and 13 per-
cent, depending on the level of axial load
used.

Column Shear

Evaluation of column shear capacities,
as for column flexural capacities, depends
on an initial estimation of the level of
axial load. Values of P obtained for
the determination of column™ flexural capa-
cities may also be used in shear calcula-
tions.

As for beams, there are two levels of con-
crete shear contribution defined in NZS
3101 for columns. Code equation (7-41)
allows a concrete contribution in the end
region of seismic columns of

Code Eq (7-41)

As this equation implies, and the accom-
panying clause 7.5.2.2 states, v shall
be taken as zero if the axial fdorce P
produces an average compressive stress
less than 0.1f'. Non-ductile columns have
a maximum concfete shear contribution

T 3P 7
= 1+—‘—uV
Ve A f'l'b
g C

For the reasons outlined above in the sec-
tion on beam shear, the latter equation
is considered to produce the more suitable
value for initial strength evaluation pur-
poses.

Code Egq (7-5)

Use of higher concrete strength values
in the evaluation of column shear capa-
cities according to the non-ductile cri-
teria above produces increases comparable
to those observed for column flexural
capacities. This similarity in increase
between the two modes indicates that the
actual value of fé used in the analysis
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will not influence the failure mode final-
ly obtained.

However, 1in estimating the ductile shear

capacity of columns the presence of the

term P /2 F' in code eguation (7-41) leads
o 5 s%iesiTor in v with  increasing £
Va1 This resnlt is inconsistent with

ntional approaches for concrete shear

LY.

aany early £frames feature little or no
joint reinforcing (refer Figure 2), and
hence may be expacted to perform poorly
under earchquake loading conditions. It
is possible to apply the design provisions
of Chapter Nine of NZS 3101 in order to
evaluate the shear capacity o%sfxisting
joints, as described elsewhere . How-
ever, there are shortcomings associated
with this appgroach, and these can be sum-
marised as:

1) Tha Jjoinrt design provisions of NzS
31017 witn respect to the capacity of
the joint concrete are very conserva-
tive where only limited ductility of
adjacent plastic hinges occurs.

2) In order to determine the forces act-
ing upon a joint, the assumption that
either both adjacent beams or columns
are yielding in flexure must be made.
This is clearly unrealistic for the
case of column hinging in particular.

3) The results can only be readily ex-
pressed as a percentage of the adja-
cent member force (at yield), which
in turn cannot be easily related to
the level of lateral load applied to
the frame.

O: perhaps greater importance is that the
joint shear capacity equations in the code
give no quantitative indication of the
bond performance of the joint. Bond con-
ditions are likely to be critical in many
joints, given the poor standard of detail-
ing and the use of non-deformed main bars.
As an example of this, clause 5.5.2.5(b)
of NZS 3101 restricts the diameter of beam
bars passing through interior joints accor
ding to the ratio

a 1
h—bgﬁ (10)
C

for Grade 275 reinforczment. The interior
joints of the frame represented in Figure
3 as shown earlier in sigure 2a, only just
satisfy this ratio, but contain non-
deformed beam bars, which are not permit-
ted by NZS 3101. Premature bar slip
through the joint core in this and other
frames may thus be expected, but informa-
tion on the ultimate bond stress, and the
rate at which this degrades with cycling,
are not available.

INELASTIC ANALYSIS OF SAMPLE FRAMES

In oraer to investigate further the typi-
cal characterastics of structures designed



170

to earlier seismic codes, the drawings
and specifications of two existing rein-
forced concrete buildings constructed in
the mid-1950s were obtained, and from each
of these a single frame was extracted.
The inelastic performance of these frames
was investigated using the two-dimensional
time-history prqgyam "Ruaumoko", devel—
oped by Shaﬁgg) and subsequently modi-
fied by Carr

The details of the two frames, one inter-
ior and one exterior, are shown in Figures
3 and 4. Both frames were chosen to be
of unequal span configuration to avoid
any symmetrical or balancing effects asso-
ciated with single- or double-bay equal
span structures. It can be seen that the
exterior frame features deep spandrel
beams, in addition to having constant mem-
ber sizes above the first floor.

Program Input

Input consisted of member stiffnesses and
probable flexural strengths based on de-
tails from the original drawings. The
originally specified f! and f_ values were
used in the evallation of member
strengths. Allowance for reduction of
member stiffness with cracking was made
by specifying shear and flexural stiff-
nesses based on 0.5A_  and 0.5I _ for the
beams and 0.8A and 08I  for thd columns,
where A and 91 were he gross section
area and moment? of inertia respectively.
Inelastic moment-curvature relationships
were assumed to be bilinear with a strain
hardening factor of 2 percent. Structure
damping was represented by the use of the
Rayleigh model, and lumped nodal weights
were determined under the D + L/3 load
combination.

The frames were subjected to the E1 Centro
N-S 1940 earthquake record only, as the
NZS 4203 design spectra is based on Cali-
fornian accelerograms scaled to El Centro
magnitude. This programme was run ini-
tially with a scale factor of unity in
order to represent a Zone A earthquake,
and then re-run subsequently for the Zone
B equivalent using a scale factor of 0.833.
The modal analysis option of the programme
revealed that the interior and exterior
frames had fundamental periods of 0.75
and 0.67 seconds respectively.

The key problem encountered with this pro-
gram related to the fact that failure
in either the flexural or axial mode was
assumed for the members, there being no
provision for individual members failing
in shear to be identified. This necessi-
tated an additiconal manual investigation
to see if any of the members had exceeded
their shear capacities, with particular
emphasis on members for which hinging
action was indicated. This was a straight-
forward matter for the beams, but axial-
shear force interaction curves were re-
quired to carry out this check for the
columns. The non-ductile shear capacity
was used as the key parameter in this pro-
cess, for the reasons described in the
previous section.

Results of Analysis

The results obtained from the El1 Centro
earthquake record indicated that appre-
ciable inelastic activity could be expec-
ted in the members of both frames. In
each case only the first ten seconds of
the earthquake record was run and three
and four response peaks were produced for
the exterior and interior frames respec-
tively. However, after applying the check
for shear capacity as described above,
it became apparent that the sample frames
were unlikely to survive the entire record.

The response of the frames for the first
peak in each direction of load 1s shown
in Figure 5, for the frames assumed to
be located in Zone A. In addition to the
incidence of member shear failure, the
most notable feature of these response
peaks i1s the irregular hinge formation
that occurs. However, despite the absence
of a conventional beam or column hinging
mechanism (apart from briefly in the case
of the interior frame), considerable ener-
gy 1s still dissipated by the vyielding
regions. This is illustrated by the plots
of base shear force vs roof level deflec-
tion for each frame shown in Figures 6a
and b for the first load peak.

Figure 5a shows that for the interior
frame, the beam overstressed in shear on
the second response peak is not the same
as for the first, which implies that the
structure is likely to survive until at
least the second peak. The top soft
storey flexugal mechanism that forms for
the case of E has an associated ductility
demand of approximately four, and so this
also may not represent a failure state.
However, when the expected level of joint
degradation is considered, the frame would
probably not possess sufficient strength
to withstand the subsequent major pulses
of the El1 Centro record.

By contrast to the interior frame, the
failure of the central columns of the ex-
terior frame as shown in Figure Sb effec-
tively represents a potential <collapse
state. The structure may survive until
the second peak, for as Figure 6b shows,
the critical columns yield in shear only
fractionally before the peak displacement
is attained. But the same columns again
yield in shear under E, which in all pro-
bability would lead to a frame collapse.

Also of significance is the high level
of lateral load at which member flexural
yielding first occurs within the frames.
As indicated by Figures 6a and b, inelas-
tic activity was first recorded at 44 per-
cent and 47 percent of the Zone A code
elastic design forces given by Equation
3, for the interior and exterior frame
respectively. In contrast, fully ductile
reinforced concrete frames designed to
NZS 4203 (that is, S = M = 0.8) are inten-
ded to yield in flexure at only 16 percent
of code elastic levels.

A similar pattern of response was observed
for both frames when subjected to a Zone
B (scaled) version of this excitation,
with fewer plastic hinges and slightly
reduced deflections in evidence.
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PROPOSED ASSESSMENT PROCEDURES FOR
REINFORCED CONCRETE FRAMES

The capacity d?§3gn procedures (antained
within NZS 4203 and NzZS 3101 repre-
sent a deterministic design approach which
produce only an upper bound performance
criteria when applied to existing struc-
tures. Although any element satisfying
the various ductile code requirements is
virtually guaranteed to behave in a total-
ly acceptable manner, failure to satisfy
the design criteria will not necessarily
lead to a catastrophic failure. Conse-
quently, modifications for analysis pur-
poses of some of the frame design require-
ments of NZS 3101 are applicable in devel-
oping a procedure for assessing the seis-
mic performance of frame elements.

Rationalisation of NZS 3101 Design
Procedures

In conjunction with the proposed frame
analysis method described subsequently,
the following departures from the NzS 3101
design provisions are suggested.

1) The Non-Use of the Dynamic Magnifica-
tion Factor

The dynamic magnification factor w is
applied to the design shear forces
and moments for columns in order to
give a high degree of protection
against premature yielding. The use
of w allows for the occurrence of ben-
ding moment patterns different from
those elastically derived from the
equivalent static load, with the in-
tention of preventing column hinging
occurring in a way that could promote
the formation of a storey sway mechan-

ism. Values of w are contained in
Table C3.A1 of the commentary to NZS
3101.

After reviewing the research and

theory behind the use of w, it was
decided not to employ this factor in
the assessment of frames for the fol-
lowing reasons:

i) Higher mode effects - current code
provisions for simultaneous appli-
cation of full overstrength of
beam plastic hinges (which normal-
ly corresponds to a strong first
mode response) with higher mode
effects (such as the w factor for
column design) are seen as unneces-
sarily conservative. Further,
most buildings constructed in the
period of concern are not suffi-
ciently high to suffer from signi-
ficant higher mode effects.

ii) Significance of column vyielding
- total protection against the
formation of column hinges is
desirable, but not essential.
Even unconfined column hinges will
have some ductility capacity
(research at the University of
Canterbury would support a dis-
placement ductility capacity of
2 for unconfined columns). It
should be noted that simultaneous

2)

3)
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vielding at top and bottom of all
columns in a storey, which is un-
likely to occur from a shift in
moment patterns at a Jjoint, is
required to form a soft storey
mechanism. Until this occurs,
column displacement ductilities
are unlikely to approach u = 2.

The Non-Use of the Strength Reduction

Factor (¢)

The purpose of applying the strength
reduction factor ¢ in -the wultimate
design of new structures is to account
for uncertainties in computation, vari-
ations in materials strengths, and
construction tolerances. Dependable
flexural strength is conservative when
evaluating the capacity of existing
elements, particularly for columns,
due to strength gains by concrete over
the current lifespan of the structure.
It is considered more realistic to
use ideal strengths for shear capa-
cities and probable strengths for maxi
mum flexural capacities, where pro-
bable strength = 1.15 X (Ideal
strength). Probable strength is felt
to be more appropriate than over-
strength (1.25 x Ideal strength), for
it appears that the member ductilities
required to develop overstrengths are
unlikely to develop. It may appear
non-conservative to compare beam and
column capacities at the same strength
levels, but was considered reasonable
in view of the beneficial effect of
higher concrete strength on column
capacities as discussed previously.

The Use of a Model for Post-Elastic
Member Shear Behaviour

The earlier discussion on the evalua-
tion of individual member shear capa-
cities indicated that the non-ductile
(non-seismic) code shear provisions
produced the more realistic values
for assessing the mode of member fail-
ure. However, if one is seeking to
estimate the level of performance in
the mode so obtained, account must
be taken of the inevitable degradation
of the concrete shear resisting mech-
anism once yield in either shear or
flexure has occurred.

A model for the post-elastic shear
behaviour of frame members 1is shown
in Figure 7. This relationship re-
lates the decrease from the non-ductile
(v d) to the ductile (V) shear capa-
city to member displacement ductility,
and is a modified version of that pro-
pos?quy the Applied Technology Coun-
cil . This model can be used as
a shear failure criterion by deter-
mining the level of shear demand at
the development of flexural yield at
both ends of a member. The demand
curves, as depicted by the Case A,
B and C lines in Figure 7, represent
the load history of the member, with
failure assumed to occur when the de-
mand line intersects the capacity
curve. Essentially the model implies
no available ductility for members
yielding in shear (Case A), and al-
though the "instant" failure is some-
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what unrealistic, particularly for
beams, it 1is adopted in order to re-
tain the mathematical simplicity of
the model.

For Case B (flexural ductility limited
by shear failure), the available duc-
tility defined by the line of degrada-
tion linking V and Vd is determined
from the relationship

b=1 +>%Vna - Vaea! (1)
Voa - V!

in which V = the sum of the shear
force associated with the development
of flexural yield at both ends of a
member and gravity shear force (D+L/3)

and

Vnd’ Vd are as defined previously.
For Case C (V, > Vd ), a maximum dis-
placement dué%ility of u = 4 is sug-

gested, as it 1is considered that
neither members nor joints are suffi-
ciently well detailed to withstand
ductility demands in excess of this.

PROPOSED FRAME ANALYSIS METHODOLOGY

A modified version of the Applied Tech-
nology Council procedure for evaluating
the(1§$ismic capacity of highway brid-

ges is proposed for assessing the
seismic performance of reinforced concrete
frames. Essentially this methed involves

obtaining the member yield (capacity) pro-
perties from the F?Pstruction details,
and also the code earthquake-induced

(demand) forces from a frame analysis
using the eguivalent elastic response
level, that is, SM = 4.0. The correspon-

ding capacity and demand values for each
mode at each location are expressed as
a ratic, and consideration of the relative
magnitudes of these ratios identifies the
critical member, mode and level at which
first yield may be expected.

The methodology 1is listed below. Where
additional comment is considered necessary
this is denoted [ ], and the comments are
included following the methodology, along
with two case studies which illustrate
aspects of the procedure.

1} Analysis of Structure as a Whole

Step 1: Equivalent Static Force
Analysis

Obtain storey shear forces

Step 2: Overall Elastic and Torsional
Analyses

Determine the distribution
of storey shear force between
lateral 1load resisting ele-
ments.

Perform separate torsional
analysis (if not included
as a part of the elastic

analysis) to determine whe-
ther elastic forces need to
be factored up.

2) Demand Values
Step 3: Elastic Analysis of the Frame

Either manually using a Muto
procedure or a plane-frame
computer program , apply
the lateral forces indicated
from Step 2. The result is
the individual member ''code
demand" forces (beam and
column flexure and shear)
correspondin?1Eo a fully elas-
tic response .

This analysis also vyields
the column earthquake induced
axial loads (P° ) which are
subsequently usSéd in conjunc-
tion with the results of the
gravity analysis in the deter-
mination of column [g}exural
and shear capacities .

3) Capacity Values

Step 4: Gravity Load Analysis

A conventional gravity load
analysis of the frame is re-
quired to determine:

a) the column gravity axial
loads (D + LR)

b) the beam gravity load moments
at the column faces (D + L/3)

c) the beam gravity load shear
forces at a distance 'd' out
from the support faces (D+L/3)

Assemble the total earthquake
axial load wusing the 1load
case P = P_ + P £+ P°  for

each column}) LR = “eq

Step 5: Beam Earthquake Flexural
Capacities

a) Evaluate beam positive and
negative probable flexural
strengths at the column faces
(extrapolate to column cen-
trelines if demand moments
are at the centrelines), in-
cluding allowance for slab
reinforcing as appropriate.

b) Add/subtract gravity load
moments in order to obtain

'true' earthquake flexural
capacities for each direction
of loading.

Step 6: Beam Earthquake Shear Capa-
cities

a) Evaluate beam ideal non-
ductile shear capacities ad-
jacent to the column.

b) Subtract gravity load shear
forces in order to obtain
'true' earthquake shear capa-
cities.
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Step 7:

Step 8:

Column Flexural Capacities
Determine the probable flex-
ural strengths for ???h

storey of each column
Column Shear Capacities

Using equations (7-3) and
(7-5) of NZS 3101, determine
the ideal non-ductile shear
capacities for each storey
of each column.

Capacity/Demand Ratios

Step 9:

Step 10:

Step 11:

Elastic C/D Ratios

Obtain the Capacity/Demand
(C/D) ratios from the corres-
ponding capacity and demand
values and present in a form
similar to thaf4]shown in
Figures 9 and 14 .

A C/D ratio of 0.5, for exam-
ple, indicates that yield

" in that mode at that loca-

tion is likely to occur at
one-half of the code elastic
response level, or, put ano-
ther way, under ground sha-
king of 50 percent the inten-
sity of the design earth-
guake. This does not, how-
ever, necessarily constitute
the maximum level of shaking
that can be sustained, since
ductility has not yet been
considered.

Ductile C/D Ratios

The steps involved in deter-
mining the ductile C/D ratios
are summarised 1in Figure
8.

Apply the shear failure cri-
terion of Figure 7 to members
where applicable (that is,
members for whom both elas-
tic flexural C/D ratios are
less than the shear C/D
ratio) in order to estimate
the available member ducti-
lity. The elastic flexural
C/D ratios are then multi-
plied by this ductility to
obtain the ductile flexural
C/D ratios. This procedure
is illustrated for the case
of the interior frame (Case
Study I) in the Appendix.

Joints

Comparison of the elastic
C/D ratios at each node of
the frame will indicate the
governing member action at
the joints (that is, beam
or column hinging). A sepa-
rate joint analysis can then
be carried out wusing the
provisions of Chapter Nine
of NZS 3101 for joints that
are considered to be criti-
cal.
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COMMENTS ON THE PROCEDURE

[1] This can be achieved by either apply-
ing the elastic coefficient [(SM)_=4.0)
at Step 1, or using the ductile coefficients
[(SM) =0.64] originally and factoring
up the resulting member forces.

[2] This has the effect of artificially
setting the earthquake axial 1load
multiplier (refer Equation (9)) A=6.25,
which will be excessively conservative
for structures which respond signifi-
cantly below code elastic levels.
A more accurate, but still simple,
alternative is to determine the actual
average value of A at first floor level
as described previously (noting that
it may be dictated by shear rather
than flexure), and use this throughout
the structure.

[3] Although Step 5 advocates the extrac-

" tion of gravity load moments and shear

forces from the beam capacities, it

is not considered necessary to do this

for the column capacities. This 1is

because the influence of applied gra-

vity loads has a far greater effect

on the 'true' earthquake capacities
for beams than columns.

[4] C/D ratios may need to be determined
for each direction of loading if either
the beam flexural reinforcing or the
overall frame layout is unsymmetrical.
In any event, it is important that
the beam and column ratios are com-
pared for the same direction of load-
ing, otherwise a false relationship
between the two is obtained.

CASE STUDY I: ISOLATED INTERIOR FRAME

The interior frame shown in Figure 3 was
analysed using the Capacity Demand (C/D})
ratio method, and the elastic ratios are
shown in Figure 9 for the frame, assumed
to be located in Zone B.

The manner in which the elastic C/D ratios
represent the sequence of actions can be
illustrated by looking at the second floor
beam AB. The ratios indicate that the
left-hand end will vyield in flexure at
approximately 44 percent of the full code
elastic response level, with the right-
hand end yielding at 53 percent. The
shear ratio implies that if flexural yield
had not occurred, the beam would yield
in shear at 54 percent of the code elastic
level.

The shear failure criterion of Figure 7
can then be applied to this member to esti-
mate the available displacement ductility,
and sample calculations for this stage
of the procedure are included in the
Appendix. Ductile C/D ratios less than
one are shown in Figure 10 for members
of the frame where applicable.

The ductile C/D ratios in Figure 10 clearly
identify critical members which is especi-
ally useful in cases where strengthening
work is being contemplated. A pictorial
representation of the frame at the nominal
failure level predicted by Figure 10 (that
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A,B = elastic flexural

C .
B C/D ratios
. . C = shear C/D ratio
Elastic C/D Ratios A /
\ti,B < C, < 1.0*

Estimate Member

Ductilities Using

Shear Failure

Criterion H

(Fig. 7 )

A' = pA
. . B' = uB
Ductile C/D Ratios B' H
A'
Member Failure Occurs
at the Level Corresponding
to the Lower of A'erB'
*If A or B is greater than C then member failure
is assumed to occur at the level corresponding
to C.

Figure 8 Summary of Procedure Once Elastic C/D Ratios Have been

Determined



is, 62 percent of the code elastic level)
can be obtained by identifying elastic
Cc/D ratios with values less than this
level, and is shown in Figure 11. It
should be noted that this does not neces-
sarily represent the collapse state of
this frame, as it is likely that additional
load can be taken by the frame before the
critical beam fails catastrophically.

The manner in which this method aids in
the investigation of joint capacity can
be illustrated by considering the circled
joint in Figure 9. By separately summing
the Dbeam and column elastic flexural
ratios, one can see there is sufficient
column strength (2= 1.60) to enable hinges
at the end of adjacent beams to form
(Z = 1.36).

It would appear that this frame, which
is capable of sustaining close to two-
thirds of current NzZS 4203 design earth-
quake levels, might be considered accept-
able.

CASE STUDY Ii: FRAME-WALL STRUCTURE

The subject of this case study investiga-
tion is a nine storey office building con-
structed in 1958 and located in seismic
zone A. The ground floor plan of this
frame-wall structure is shown in Figure
12, and the details of the Type 3 exterior
frame is shown in Figure 13.

The elastic analysis option of the pro-
gramme described previously was used to
determine the distribution of the equiva-
lent static forces between elements in
the transverse direction. A torsional
analysis was carried out at the ground
and fourth floor levels, and the centres
of rigidity for both levels are shown in
relation to the centre of mass in Figure
12. The substantial ground floor eccen-
tricity is largely a result of the increase
in storey height toward the Type 3 frame
due to a fall in the ground floor level
(see Figure 13). The lateral loads applied
to the frames were factored up as appro-
priate to allow for the eccentricities,
and this led to a substantial increase
in the case of the Type 3 frame loads.

The Types 1 and 3 frames were analysed
using the Capacity/Demand ratio approach,
and the results are shown in Figures 14
and 15 for the case of E. The behaviour
of the frames and the main wall element
is briefly reviewed here, with a mo¥§)
detailed description available elsewhere .

Type 1 Frame

This frame appears likely to perform rea-
sonably well in the event of a zone A code-
level earthquake, with yielding in shear
of the first floor beam AB limiting the
response of the frame. At the level at
which this member yields in shear there
are not likely to be significant inelastic
actions elsewhere in the frame, and this
is especially noticeable in the case of
columns. The elastic C/D ratios only are
shown in Figure 14, as the ductile ratio
values are all appreciably in excess of
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one. Due to the lack of symmetry, this
grame was also analysed for the case of
E, with similar results being obtained.

Type 3 Frame

The elastic C/D ratios in Figure 15 indi-
cate that this frame is 1likely to fail
at a very low level of lateral load as
a result of shear failure of the columns
between first and second floor level.
With three out of the four columns yield-
ing in shear, this effectively represents

a potential collapse state. Since non-
ductile column shear capacity governs the

response of this frame at very low levels
of ground shaking, it was not considered
relevant to evaluate the ductile C/D
ratios.

Wall

This wall features boundary elements that
act as columns for earthquake loading in
the longitudinal direction, and these are
heavily reinforced. A brief analysis of
the wall revealed that the web possesses
insufficient shear capacity to enable
flexural yield to occur. Taking account
of the torsionally-induced forces, this
wall appears likely to fail in shear at
approximately 40 percent of the code elas-
tic response level.

It is clear that the performance of the
structure as a whole will be heavily influ-
enced by the poor performance of the Type
3 frame. This wunsatisfactory behaviour
is a consequence of both the geometry of
the exterior frame, which features deep
spandrel beams, and its eccentric location
with respect to the centre of rigidity.
This structure would clearly qualify for
strengthening measures.

CONCLUSIONS

Comparison of the design levels for seis-
mic lateral loads of NZSS 95 and NZSS 1900
with N2ZS 4203 indicated that buildings
constructed between 1935 and 1975 are
likely to be substandard in the 1light of
current seismic performance criteria.
The shortfall in performance cannot easily
be determined because it depends on the
ductility capacity and mode of failure
of the structure.

Case studies of a number of buildings con-
structed between 1935 and 1975 clearly
indicated that simple "broad-brush" evalu-
ations of existing buildings will rarely
be successful. This is a consequence of
the complex modes of inelastic behaviour
that are likely to develop, with beam
hinges, column hinges and shear failures
likely to develop at different locations
within the frames.

An assessment methodology, described in
this paper, is felt to provide a reasonable
approach to determining the seismic capa-
city of a building. It allows relaxation
of many of the capacity design require-
ments of the Loadings Code NZS 4203, and
the Concrete Design Code NzS 3101, and
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includes a model for the degradation of
shear strength with ductility. This 1is
felt to be essential in assessing the duc-
tility of plastic hinges.

The most difficult aspect to assess quan-
titatively was found to be the shear
strength and integrity of beam-column
joints. Use of plain-bar for beam steel,
and light, 1f any, Jjoint reinforcement,
is likely to limit flexural capacity and
ductility of adjacent hinges. Some test-
ing is urgently required to provide infor-
mation about the strength and rate of
degradation of such joints.
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APPENDIX: ILLUSTRATION OF THE APPLICATION
OF THE SHEAR FAILURE CRITERION

This appendix illustrates the application
of the post-elastic shear failure behaviour
model (represented in Figure 7) as used
in the Capacity/Demand ratio method of
analysis. A beam taken from the interior
frame analysed in Case Study I 1is used
for this example.

The location of the second floor beam AB
is indicated in Figure 9, and the elastic
C/D ratios are reproduced below:

The relevant member capacities and shear
demands are

v = 172 kN
M ~ - nd

308 + 164

y = =27 =27 - 103 kN
pe 4.55

v = 56 kN
gl’ v

v =159 kN

dem

Using equation {10}:

b= 1 + 3(V“d B Vdem)
Vaa ~ Vg
=1 + 3(172 - 159)
(172 - 74)

= 1.4

The ductile flexural C/D ratios can then
be obtained as follows:

0.44 x 1.4 = 1 «0.62

0'74+FO£B % 1.4

Thus failure in shear at the left end plastic
hinge is expected at about 60 percent of the code
level of ground shaking.

NOTATION

Ag gross area of section

C member capacity OR basic seismic
coefficient

db diameter of reinforcing bar

D dead load OR code demand

E earthgquake load

fé specified <concrete compressive
stress

fy specified yield stress of steel
reinforcement

hC overall depth of column in the
direction of load

Ig gross section moment of inertia

L live load, to NZS 4203

LR reduced live load, to NZS 4203

M structural material factor used
in derivation of the lateral
force coefficient Cd

Mp probable strength flexural capa-
city

PD axial load on a column due to
dead load only

Pe axial load due to gravity and
seismic load acting on a column
during an earthquake

Peq axial locad on a column due to
earthquake loading only

P;q maximum axial load on a column
due to earthquake only at the
development of beam flexural
overstrength

PLR axial load on a column due to
reduced live load

u ultimate axial load on a column
structural type factor used in
the derivation of the lateral
force coefficient Cd

T fundamental period of vibration

vy basic shear stress



v permissible shear stress taken
© by concrete
. ideal shear stress = v_ + v
i c s
shear stress allocated to rein-
S forcement

v a shear demand derived from code

coae loading

Vd member shear —capacity derived

from code ductile (seismic) cri-
teria

Vd sum of flexurally-induced shear

en force (V e) and gravity shear
force (V )
grav
\Y shear force on member due to
grav realistic gravity load (D + L/3)
\Y a member shear capacity derived
n from code non-ductile (non-seismic)
criteria
V_ .V shear force resulting from the
oe  pe development of member flexural
overstrength and probable strength
respectively

o} strength reduction factor

specified compression strain at
c extreme concrete fibre
member displacement ductility
! anticipated ductility —capacity
for structures of early design

w dynamic magnification factor

Py ratio of tensile reinforcement

A ratio of beam overstrength shear

demand to code beam shear force
(= Voe/Vcode)
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Figure 14  Results of Capacity/Demand Ratio Analysis of Type 1 Frame (E)



MATERTIAL PROPERTIES FROM THREE REINFORCED CONCRETE BRIDGES

CONSTRUCTED BETWEEN 1933 AND 1940

Figure 15
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