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ABSTRACT

This study investigates the performance of base-isolated buildings designed according to the
recommendations provided in the NZSEE/MBIE base isolation design guidelines. In total 16 case study
buildings were designed for a site in Wellington, New Zealand, including four fixed-base buildings (for
comparison) and 12 isolated buildings with various inelastic-spectrum-scaling factors, ky, (equivalent to force-
reduction factors) and importance levels. The performance of each building design was subsequently assessed
using the FEMA P-58 framework. Three-dimensional numerical models were developed in OpenSees to
perform the non-linear time history analysis with 180 pairs of ground motions across nine intensity levels.
Results suggest that the average annual rate of collapse and the expected annual loss of the isolated buildings
are both around four times lower than fixed-base buildings. This study also investigated the impacts of
superstructure design ductility (controlled via the inelastic-spectrum-scaling factor, ky) and the design
importance level. Results showed that a high ky is likely to worsen the performance of the base-isolated
building. For a k, = 2, the peak storey drift demands were increased by 50% ~ 100%, whereas the peak floor
acceleration demands were only slightly reduced. As a result, the expected annual loss increased.
Observations showed an increase in ky reduced the median value of the superstructure collapse fragility and
could change the failure mechanism from isolator failure to superstructure failure. To improve performance,
one could allow for more isolator displacement capacity at k, = 1 or impose suitable superstructure
deformation limits if a higher ky is permitted. Lastly, the results showed that designing a base-isolated
building with a higher importance level increased the peak floor acceleration demands by 50% to 60% and
had a mixed impact on the peak storey drift demands. However, it did reduce the annual rate of collapse rate
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by around a factor of two.
https://doi.org/10.5459/bnzsee. 1693
INTRODUCTION

Base isolation can help enhance the performance of buildings
in earthquakes [1]-[3]. A base-isolated building generally
consists of a superstructure, isolation devices, connection
elements above and below the isolators, foundation, and rattle
space. The isolators are much more flexible compared to the
superstructure; hence the majority of the dispalcement is
expected to concentrate at the isolation layer. The flexible layer
of isolators also results in an elongation in the system’s
fundamental period, which reduces the overall base shear
demand. In addition, isolators such as friction pendulum
devices, lead rubber bearings, or high damping rubber bearings
are designed to dissipate seismic energy. Therefore, if designed
properly, the isolation system can reduce the seismic demand
transferred to the superstructure and hence achieve better
seismic performance.

As base isolation is a widely used technique, its design process
has been outlined in many design codes, such as the ASCE/SEI
7-22 [4] in the United States and Eurocode 8 [5] in Europe.
Currently in New Zealand, base isolation is considered as an
Alternative Solution design approach as it is not covered by the
Acceptable Solutions and Verification Methods documented in
the NZ building code [6]. In 2019, the New Zealand Society for
Earthquake Engineering (NZSEE) released the “Guideline for
the Design of Seismic Isolation Systems for Buildings” [7]. This
guideline is a preliminary version for trial use and industry

comments. Its ultimate goal is to provide more consistency in
terms of the base isolation design process and performance
outcomes across base-isolated buildings in New Zealand.

Previous international studies into the seismic performance of
base-isolated buildings have given mixed results. Iervolino [8]
found that base-isolated buildings in Italy have a relatively high
global collapse rate compared to other new building typologies.
However, other studies, including numerical studies in NZ by
[9]-[11], as well as observations from past earthquakes [12]-
[14], suggest that base-isolated buildings can perform well.
Nevertheless, it is recognised that the performance of base-
isolated buildings could be significantly affected by design
decisions and the NZSEE base-isolation guidelines have not
undergone thorough testing. As such, this study investigates
some of the design choices and criteria that can affect isolated
building design results and performance. These include
building importance level and the New Zealand Standard (NZS)
1170.5:2004 [15] ky factor (design force-reduction factor). To
achieve this, a set of case study buildings is designed in line
with the NZ base isolation design guidelines and the likely
performance of the buildings is subsequently assessed.

BASE-ISOLATED BUILDING DESIGN CONCEPTS

The NZSEE/MBIE guidelines [7] for base-isolated buildings
effectively require consideration of a few key components, as
illustrated in Figure 1; namely: foundation, rattle space,

U Corresponding Author, PhD candidate, University of Canterbury, Christchurch, claire.dong@pg.canterbury.ac.nz (Member)

2 Professor, University of Canterbury, Christchurch (Member)
3 Technical Director, Holmes NZ LP, Christchurch



mailto:claire.dong@pg.canterbury.ac.nz
https://doi.org/10.5459/bnzsee.1693

170

isolation plane (including isolators and connection elements
above and below the isolators), and the superstructure. The
building design in this study is conducted only to the point of
sizing the isolators and superstructure, as they are more likely
to govern the design of other detailed elements and the system
behaviour. In addition, it is assumed that the clearance around
the isolated building is sufficient and therefore does not limit
the design of the isolation plane. The rattle space is sized to
accommodate the maximum displacement estimated using the

guidelines [7].
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Figure 1: Key components within an isolated building.

Performance Objectives and Design Checks

The building performance objectives according to the New
Zealand Building Code B1 [6] are to (a) safeguard people from
injury caused by structural failure; (b) safeguard people from
loss of amenity caused by structural behaviour; and (c) protect
other property from physical damage caused by structural
failure. To achieve these performance objectives, the NZS
1170.0:2002 [16] specifies limit states, as well as the loading
and design checks at these limit states. The limit states include
the Serviceability Limit State (SLS1/SLS2) and the Ultimate
Limit State (ULS). The NZSEE/MBIE base isolation design
guidelines [7] list two additional limit states, namely, a Damage
Control Limit State (DCLS) and a Collapse Avoidance Limit
State (CALS). At the DCLS, some damage is acceptable, but
the cost of repair should be relatively low. The isolated building
performance objective at DCLS appears to be subjective and
will typically be agreed on by the engineers and clients. At the
CALS, the intensity of the earthquake is also known as the
Maximum Considered Earthquake (MCE). The isolated
building should have a reasonable margin to limit the chances
of collapse at the MCE load.

Based on the basic building information such as the dimensions,
regularity, importance level, and design ductility, the building
can be categorised according to the base-isolation guidelines
into the following four types:

e Type 1: Simple, low-rise regular buildings that are designed
for elastic actions (k, = 1) and detailed for limited ductility.

e Type 2: General, building dimensions or height exceeds
Type 1 but still regular, buildings can be designed for
nominally ductile actions (k, < 1.25) and detailed for
limited ductility.

e Type 3: Complex or Ductile, building layout is complex or
designed for ductile actions (ky < 2), full capacity design
and ductile detailing is expected. Importance level 4
buildings are also considered as Type 3 buildings.

e Type 4: Brittle, building has no ductility capacity.

As the building’s complexity or design ductility increases, more
comprehensive analysis methods should be used. For instance,
it is sufficient to analyse a Type 1 building with the Equivalent
Static Analysis (ESA) method, but Non-Linear Time History
Analysis (NLTHA) is also required to verify the design of a
Type 3 building.

Specific design checks are required to ensure the structure
system has adequate strength, stiffness, and deformation
capacity. The design checks for the isolation plane and
superstructure are listed in Tables 1 and 2. According to the
guidelines, unless specified, they should be evaluated
considering the nominal, lower-bound, and upper-bound
isolator properties.

Table 1: Isolation design checks for the case study buildings
at various limit states.

Limit

Design check
state esign checks

- The effective period is less than 3s* (nominal)

- The isolation system effective stiffness at ULS
displacement is greater than 1/3 of the effective
stiffness at 20% ULS displacement * (nominal)

- Shear strain <200%

- Factor of safety against Buckling > 1.5

ULS

- Restoring force at 50% CALS displacement is
2.5% of the superstructure weight greater than the
force at 100% CALS displacement (nominal)

- 5% < effective damping < 30% (nominal)

- Shear strain <250%

- Overlapped area > 25%

- Factor of safety against Buckling > 1.25

- Rattle space check

CALS

*Applied to Type 1 — Simple buildings

Table 2: Superstructure design checks for the case study
buildings at various limit states.

Limit Design checks
state
SLS1 - Superstructure responds elastically

DCLS - Storey drift < 0.5% **

- The effective isolation period is greater than 3
times the fixed superstructure period* (nominal)

- Storey drift < 2.5% (including P-delta effects)

- Superstructure strength checks, e.g. plastic hinge
flexural strength, member shear strength, axial
strength, etc.

ULS

* Applied to Type 1 — Simple buildings, **Optional drift limit

Design Seismic Demand

The guidelines adopt the method provided in NZS 1170.5:2004
[15] to estimate the seismic acceleration and displacement
demand with a few modifications. The corner period at which
the response spectrum changes to a constant-displacement is
increased from 3s to up to 10s across various regions in New
Zealand, to reflect the possible underestimation of the long-
period spectral accelerations in NZS 1170.5:2004. The site
hazard spectrum for horizontal loading (C(T)) is estimated
using Equation (1).

C(T) = Cy(T)-Z-N(T,D)-R"7 1)

T is the effective period of the isolation system. Cn(T) is the
spectral shape factor which is a function of site subsoil class and
effective period. Z is the hazard factor that indicates the
seismicity of the location. N(T, D) is the near-fault factor that
considers the effects if the location is close to the faults. 1 is the
damping reduction factor which accounts for the energy
dissipated by the isolators or damping devices. R is the return
period factor that scales the spectra based on the return period
of a given intensity (i.e. the inverse of the annual probability of
exceedance). For example, R = 1 corresponds to an annual rate
of exceedance of 1/500. The R factor depends on which limit



state is been analysed and the building importance level. Each
building must be assigned an importance level ranging from 1
to 4 [16]. The importance level is related to the consequences
of the structural failure and the required functionality post-
disaster. For example, a 4-storey residential building may be
classified as an IL2 building, and the design intensities for the
SLS1 and ULS limit states correspond to return periods of 25
and 500 years, respectively. A 4-storey hospital may instead be
classified as an IL4 building, the design intensities for the SLS2
and ULS limit states correspond to return periods of 500 and
2500 years, respectively. The design spectra are based on
SAlarger Which is the larger of the two as-recorded components
[17]. While Equation (1) calculates the horizontal site hazard
spectrum, Equation (2) defines the horizontal design spectrum
(C«T)).

C(T)S,

ky

Ca(T) = (2)
Where S; is the structural performance factor that, according to
NZS 1170.5:2004 [15], is intended to account for a range of
effects including higher material strength, strain hardening,
structural redundancy, damping from non-structural elements,
etc. For the isolation system and superstructure design, a Sp
factor ranging from 0.7 to 1.0 is suggested by the guidelines [7],
depending on the building complexity and design methods. ky
is the inelastic-spectrum-scaling factor that is related to the
structural design ductility using the equal displacement and
equal energy rules. Note that ky, only applies to the
superstructure and that 1 < ky <2 is permitted in the base
isolation guidelines for the ULS checks, although this depends
on the level of design and verification analysis being
undertaken [7].

Analysis Procedure and Methods

The design starts with an assumed isolation system layout
including the location, number and size of the isolators. The
capacity-spectrum approach [18] is performed to check the
displacement capacity, strength, and stability of the isolation
system. In order to apply the capacity spectrum approach, the
capacity curve is computed assuming the superstructure
responds as a rigid block, and the isolation system behaves as a
Single Degree of Freedom (SDOF) system. A demand
displacement is assumed at first to estimate the area-based
effective damping. The damped Acceleration-Displacement
Response Spectra (ADRS) can then be plotted together with the
capacity curve. The intersection is the design acceleration and
displacement demand on the isolation system. This process is
iterated until the assumed displacement matches the design
displacement at the intersection of the capacity and demand
curves. The design base shear is then applied as a set of
equivalent lateral forces on the superstructure. The strength and
stiffness of the superstructure’s lateral load resisting system,
with allowance for ductile response according to the equivalent
static method of NZS 1170.5:2004 [15] is then checked. Four
load distribution patterns are recommended by the guidelines
and the worst load case shall be used for design, including
triangular, rectangular, a profile specified in NZS 1170.5:2004
[15], and a load pattern from ASCE/SEI 7-16 [19]. This design
process is again iterated until all the checks listed in Tables 1
and 2 are satisfied.

CASE STUDY BUILDINGS DESIGN RESULTS

The case study buildings designed and assessed in this study are
assumed to be in Wellington, New Zealand, with a Vs3o of
450 m/s, which can be classified as subsoil class C according to
NZS 1170.5:2004 [15]. All superstructures have the same
footprint which is 24 m by 40 m. There are four storeys in each
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building, the first storey is 4.5 m, and the rest are 3.6 m, with a
total height of 15.3 m. The building’s seismic weight is
estimated based on the preliminary design and may be refined
later. The seismic weight is 14000 kN for the ground floor,
5303 kN for levels two to four, and 4658 kN for the roof,
resulting in a total of 34566 kN. The breakdown of seismic
weights can be found in [20].
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Figure 2: Structural layout of the reinforced concrete wall
structure, a) plan view and b) south elevation.

Two superstructure typologies are investigated: Reinforced
Concrete (RC) walls and steel Moment Resisting Frames
(MRF). The lateral systems of the isolated RC wall buildings
consist of six short walls in the EW direction and two longer
walls in the NS direction, see Figure 2. The lateral systems of
the isolated steel MRF buildings consist of four identical
frames, two in each direction, see Figure 3. The type of
connection used in the MRF design is the Reduced Beam
Section (RBS). It is assumed that the gravity system will not
provide lateral resistance and therefore is not designed in this
study. The gravity columns are included in the models for the
purpose of distributing the mass evenly and applying gravity
loads for P-delta actions in later analysis. The isolation plane
layouts for the RC wall structures and steel MRF structures are
shown in Figures 2a and3a, respectively. The base
arrangements are chosen such that the FSs are located around
the perimeter where significant compressive and uplifting
forces are expected. In the interests of comparing building
performance, the isolation system properties of the RC walls
and steel MRF are kept similar, i.e. they are all isolated by 14
Lead Rubber Bearings (LRB) and 8 Flat Sliders (FS). The
isolators are connected by grillage beams with a floor slab on
top. Whilst detailed design of the grillage beams is not
completed, they are sized to have sufficient stiffness so that
their flexibility contributed only around 10%-15% of the roof
displacement at yield, and to resist the moment demands from
the superstructure. The flexibility of the grillage beams is
included in both the design and assessment phases of this
research. The structural layouts for each building typologies
remain the same and the difference due to design parameters is
reflected through member and isolator sizes. In addition, the
buildings are also designed using conventional methods without
base isolation. The conventional buildings are designed to meet
the minimum building code requirement according to NZS
1170.5:2004 [15].
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Figure 3: Structural layout of the steel moment resisting
frame structure, a) plan view and b) south elevation.

Design Results

The design results obtained for the case study buildings are
presented in this section. As mentioned previously, the isolated
buildings can be categorised into four types according to the
guidelines [7]. The IL2 case study buildings (with k, = 1) are
classified as Type 1, and the minimum structural performance
factor for the isolation system and superstructure are 1. Whereas
the IL2 buildings (with ky, = 2) and IL4 buildings are classified
as Type 3, meaning the minimum structural performance factor
can be as low as 0.7. In this study, a structural performance
factor of 1 is adopted for both isolation system (Sp.iso = 1) and
superstructure (Sp,super = 1) for the isolated buildings designs. A
Sp.super factor of 0.7 is adopted for the traditional fixed-base
ductile building designs as suggested by NZS 1170.5:2004 [15].

Table 3: Seismic design parameters that are used to
construct the hazard spectrum for a site in Wellington
according to NZS 1170.5:2004.

Seismic design parameters IL2 IL4

Hazard factor, Z 0.4 0.4

Return period factor, Rstsi 0.25 0.25

Ropcrs 0.75 1

Ruts 1 1.8

Rcats 1.5 2.34
Spectral shape factor, Cn(T) * 0.56g 0.61g
Near-fault factor, N(T, D) * 1.21 1.16
Equivalent viscous damping, & * 27% 25%
Design base shear, Ca(T) * 0.13g 0.26¢g

* Based on the ULS effective period assuming nominal isolator
properties

Since all of the buildings are designed for the same site, the
hazard factor is identical. The difference in the seismic demand
mostly comes from the return period factor, reflecting the
different building importance levels. The seismic design
parameters for the design spectrum are reported in Table 3.
Some of these parameters depend on the effective period of the
system and require the design to be iterative.

The capacity-spectrum analysis method is performed by
plotting the capacity curve of the isolation system (as a SDOF
system) against the ADRS for four limit states, see Figure 4.
The isolation system design results are reported in Table 4 and
the upper-bound and lower-bound isolator property
modification factors are shown in Table 5. The concurrency of
seismic actions and torsional effects have been accounted for
when estimating the maximum displacement demands.
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Figure 4: The capacity curves of the isolation systems based
on lower-bound isolator properties and the acceleration-
displacement response spectra for: a) IL2 and b) IL4.

Table 4: Case study building isolation system design results
based on nominal isolator properties.

Isolation System Properties IL2 IL4
No. of Lead rubber bearings 14 14
Lead rubber bearing dia. [mm] 900 1000

Lead core dia. [mm] 130 190
Total rubber thickness, te [mm)] 252 252
No. of flat friction sliders 8 8
Friction coefficient at ULS 4% 4%
Characteristic strength, Qq [kN] 2037 3764
Post-yield stiffness, Ka [kN/mm] 13.7 17.4
Stiffness ratio, o [Ka / Ki] 0.0577 0.0765

Table 5: Isolator property modification factors.

Variable Amin Amax
LRB Qq 1.00 1.00
LRB K4 1.00 1.10
FS p 1.00 1.1
LRB Qu 0.95 1.30
LRB K4 0.98 1.03
FS u 0.95 1.15
LRB Qu 0.85 1.15
LRB K4 0.85 1.15
FS u 0.85 1.15
LRB Quq 0.81 1.50
LRB Kgq 0.83 1.27
FSp 081  1.60

Ageing and environmental
factors

Testing factors

Manufacturing variation

Total property multiplier




Table 6: Case study building superstructure design results for IL2 steel MRF structures.

Design scenario Fixed-base Base-isolated Base-isolated Base-isolated (DC)**
Importance level, IL L2 L2 L2 L2
Performance factor, Sp,super 0.7 1 1 1

Column member sizes (Grade 300)
Storey 4 310U0C137 500WC228 350WC197 400WC270
Storey 3 310UC137 500WC228 350WC197 400WC270
Storey 2 310WC197 500WC340 350WC258 500WC228
Storey 1 310WC197 500WC340 350WC258 500WC228

Beam member sizes (Grade 300)

Storey 4 410UB59.7 600UB101 530UBS82 530UB92.4
Storey 3 460UB82.1 600UB113 600UB101 600UB113
Storey 2 530UB92.4 700WB150 700WB115 700WB130
Storey 1 530UB92.4 700WB150 700WB115 700WB130
Fixed-base period, Tfixedx 1.49s 0.84s 1.17s 0.90s
First yield drift 0.75% 0.42% 0.54% 0.57%

SLS design base shear
ULS design base shear
ULS maximum storey drift
Design governed by

1296 KN (ky=1)  3102kN (k,=1)  3102kN (k,=1)
1952 kN (k, = 2)

1296 kN (k,=4) 4669 kN (k,=1)
243 % 0.64% 1.34%
ULS drift (2.5%) Teft > 3XTixed

SLS1 no yielding

3102 kN (k, = 1)
1952 kN (k, = 2)
0.65%

DCLS drift (0.5%)

** An additional drift limit (0.5%) is imposed at the DCLS

Table 7: Case study building superstructure design results for IL4 steel MRF structures.

Design scenario Fixed-base Base-isolated Base-isolated Base-isolated (DC)**
Importance level, IL 1L4 1L4 1L4 1IL4
Performance factor, Sp,super 0.7 1 1 1

Column member sizes (Grade 300)
Storey 4 400WC181 500WC414 500WC290 500WC340
Storey 3 400WC181 500WC414 500WC290 500WC340
Storey 2 400WC270 500WC440 500WC383 500WC440
Storey 1 400WC270 500WC440 500WC383 500WC440

Beam member sizes (Grade 300)

Storey 4 460UB82.1 300WB122 700WB115 700WBI115
Storey 3 600UB101 800WB168 700WB130 800WB122
Storey 2 700WB115 900WB218 700WB150 800WB146
Storey 1 700WB130 900WB218 700WB173 800WB168
Fixed-base period, Tfixed,x 1.04s 0.80s 0.74s
First yield drift 0.64% 0.52% 0.44% 0.46%

SLS design base shear 1662 kN (k,=1)
ULS design base shear 2992 kN (k. =4)
ULS maximum storey drift 2.40%

Design governed by ULS drift (2.5%)

5141 kN (k,=1) 5141 kN (k. =1) 3102 kN (k,=1)
7575 kN (k. =1) 3788 kN (k. =2)
0.67% 1.34% 0.75%
ULS moment

1952 kN (k, =2)

SLS1 no yielding  DCLS drift (0.5%)

** An additional drift limit (0.5%) is imposed at the DCLS

Once the isolation system is designed, the design base shear
estimated at the SLS, ULS, and DCLS (optional) are distributed
to the superstructure using the ESA method. The NLTHA
method is also applied to the Type 3 (complex and ductile)
buildings to verify the building designs based on the ESA
method, which are shown to be valid. The steel MRF member
sizes, design parameters, and results are shown in Tables 6
and 7. Similarly, the RC wall dimensions, design parameters,
and results are shown in Tables 8 and 9. For the RC walls,
cracked stiffnesses [21] are applied when estimating the
building period and drift demands. All periods are obtained
using modal analysis. In addition, the design criteria that govern
the RC wall dimensions, reinforcement, and steel MRF member
sizes are also reported. Capacity design provisions are applied
in all superstructure designs, using dynamic magnification
factors and overstrength factors from NZ material standards
[22], [23]. Gravity and wind loads have also been checked and

were found to not govern the design and are thus, not discussed
further here.

Based on the design results, a higher importance level leads to
a higher design seismic demand in the isolation system, and
therefore requires larger isolators with a higher characteristic
strength, post-yield stiffness, and displacement capacity. This
increases the effective stiffness of the isolation system at the
design intensity level and results in a higher design base shear
in the superstructure. Subsequently, the superstructure needs to
be stronger and stiffer. However, when an inelastic-spectrum-
scaling factor greater than one is applied, the required strength
of the superstructure is reduced by allowing the superstructure
to respond inelastically. There are a number of design scenarios
that are governed by the SLS1 no yielding criterion. For fixed-
base RC walls, the combination of ky and R factors would result
in similar base shear demands at the SLS1 and ULS, except that
according to NZS 3101.1&2:2006 [22], the wall stiffness at



174

SLS1 is higher than that at ULS, which resulted in a larger base
shear. For isolated buildings, the superstructure base shear
demands associated with SLS1 and ULS are not drastically
different due to the low post-yield stiffness of the isolation

system. Therefore, when applying a k, uLs =2, the SLS1 base
shear becomes more critical.

Table 8: Case study superstructure design results for IL2 RC wall structures.

Design scenario Fixed-base Base-isolated Base-isolated Base-isolated (DC)**
Importance level, IL 1L2 1L2 1L2 1L2
Performance factor, Sp,super 0.7 1 1 1
Longitudinal direction (E-W)
Wall dimensions (per wall) 3.0x03m 3.0 x0.6m 3.0x03m 3.0x0.5m
Nominal flexural strength, M, x 6712 kNm 15923 kNm 7423 kNm 13252 kNm
Long. reinforcement ratio, pb, x 0.91% 1.31% 1.19% 1.31%
Axial load ratio 2.0% 1.5% 2.0% 1.6%
Fixed-base period, Tfixed, x 0.56s (1.19s) * 0.38s (0.80s) * 0.56s (1.18s) * 0.44s (0.88s) *
First yield drift 0.84% 0.82% 0.82% 0.81%

SLS design base shear
ULS design base shear
ULS maximum storey drift
Design governed by

2465 kN (k,=1)
1431 kN (k. =4)
1.99%

SLS1 no yielding

3102 kN (k. =1)
4669 kN (k. =1)
0.73%

Tefr > 3XTfixed

3102kN (kp=1)
1952 kN (k. =2)
1.38%

SLS1 no yielding

3102 kN (k.= 1)
1952 kN (k, = 2)
0.74%

DCLS drift (0.5%)

Wall dimensions (per wall)
Nominal flexural strength, My, y
Long. reinforcement ratio, po, y
Axial load ratio

Fixed-base period, Tfixed, y

First yield drift

SLS design base shear

ULS design base shear

ULS maximum storey drift
Design governed by

Transverse direction (N-S)

6.0x03m
29786 kNm
1.19%

1.9%

0.36s (0.68s) *
0.43%

3684 kN (ky=1)
2157 kN (k. =4)
0.41%

SLS1 no yielding

6.0x0.3m
32066 kNm
1.3%

1.9%

0.34s (0.76s) *
0.43%

3102 kN (k. =1)
4669 kN (k. =1)
0.57%

ULS moment

6.0x03m
25401 kNm
0.94%

1.9%

0.36s (0.85s) *
0.43%

3102kN (ky=1)
1952 kN (k. =2)
0.62%

SLS1 no yielding

6.0x03m
25401 kNm
0.94%

1.9%

0.36s (0.84s) *
0.43%

3102kN (k,=1)
1952 kN (k. =2)
0.60%

SLS1 no yielding

* The reported periods are based on the gross section stiffness and cracked section stiffness (in brackets), the cracked section stiffness is estimated
** An additional drift limit (0.5%) is imposed at the DCLS

according to [21].

Table 9: Case study building superstructure design results for IL4 RC wall structures.

Design scenario Fixed-base Base-isolated Base-isolated Base-isolated (DC)**
Importance level, IL 1L4 1L4 1L4 1L4
Performance factor, Sp,super 0.7 1 1 1
Longitudinal direction (E-W)
Wall dimensions (per wall) 3.0x0.5m 3.0 x0.6m 3.0x0.4m 3.0 x0.6m
Nominal flexural strength, M, x 11517 kNm 20142 kNm 12665 kNm 20142 kNm
Long. reinforcement ratio, pb, x 1.05% 1.79% 1.64% 1.79%
Axial load ratio 1.6% 1.5% 1.7% 1.5%

Fixed-base period, Tfixed, x
First yield drift

SLS design base shear
ULS design base shear
ULS maximum storey drift
Design governed by

0.44s (0.95s) *
0.81%

3196 kN (k, = 1)
3048 kN (k, = 4)
2.48%

ULS drift (2.5%)

0.38s (0.71s) *
0.86%

5614 kN (k.=1)
7215kN (k,=1)
0.85%

ULS moment

0.49s (0.90s) *
0.84%

5614 kN (ky=1)
4120 kN (k. =2)
1.49%

SLS1 no yielding

0.39s (0.71s) *
0.86%

5614 kN (k, = 1)
4120 kN (k, =2)
0.93%

DCLS drift (0.5%)

Wall dimensions (per wall)
Nominal flexural strength, Mn, y
Long. reinforcement ratio, pv, y
Axial load ratio

Fixed-base period, Tfixed, y

First yield drift

SLS design base shear

ULS design base shear

ULS maximum storey drift
Design governed by

Transverse direction (N-S)

6.0x0.3m
38209 kNm
1.64%

1.9%

0.36s (0.63s) *
0.42%

3684 kN (k,=1)
4488 kN (k. =4)
1.84%

ULS moment

6x04m

59140 kNm
2.01%

1.7%

0.31s (0.62s) *
0.45%

5614 kN (k,=1)
7215kN (k. =1)
0.45%

ULS moment

6x0.3m

47723 kNm
2.18%

1.9%

0.36s (0.68s) *
0.44%

5614 kN (ky=1)
4120 kN (k. =2)
0.068%

SLS1 no yielding

6x0.3m

47723 kNm
2.18%

1.9%

0.35s (0.67s) *
0.42%

5614 kN (ky=1)
4120 kN (k. =2)
0.66%

SLS1 no yielding

* The reported periods are based on the gross section stiffness and cracked section stiffness (in brackets), the cracked section stiffness is estimated
** An additional drift limit (0.5%) is imposed at the DCLS

according to [21].



PERFORMANCE ASSESSMENT METHODOLOGY

With the building designs complete, the likely performance of
the different case study design solutions is assessed in line with
FEMA P-58 [24] (previously the Performance-Based
Earthquake Engineering (PBEE) framework developed by the
Pacific Earthquake Engineering Research (PEER) Centre [25]).
The performance assessment requires inputs of structural
response parameters such as Peak Floor Acceleration (PFA) and
Peak Storey Drift (PSD); collapse fragility, annual rate of
collapse and loss functions. The expected annual loss (EAL)
can then be quantified via the FEMA P-58 procedure. Four
stages of analyses were carried out in this study, including:

1. Hazard analysis; the hazard curve is determined and ground
motions are selected accordingly.

2. Structural analysis; numerical models are constructed to
perform the NLTHA, the structural responses such as PSD,
PFA, hinge plastic rotation, and isolator displacement
demands at intensity levels are recorded.

3. Damage analysis; damageable components and their
fragility functions are identified, and the level of component
or global damage is assessed using results from stage two.

4. Loss analysis; consequence functions (such as repair costs)
are assigned to the damageable components. The loss is
then estimated for each intensity level using the results from
stage three.

Detailed descriptions and examples of the implementation of
the PBEE PEER framework can be found in the literature [26].
The assessment procedure and examples are illustrated in this
section.

Hazard Analysis and Ground Motion Selection

In the hazard analysis, hazard curves are determined and will
inform the ground motion selection for NLTHA. In this work,
the hazard curves for ground motion selection are based on the
2010 New Zealand National Seismic Hazard Model (NSHM)
[27]. Spectral acceleration (Sa) corresponding to periods of 1s
and 2s were selected as the conditioning intensity measure for
the fixed-base and base-isolated buildings, respectively. The
seismic hazard curves are shown in Figure 5. The ground
motions were selected in a previous study [20], who used the
generalised conditioning intensity measure approach [28] to
ensure the ground motions are probabilistically consistent with
the seismic hazard. The suite consists of 180 pairs of ground
motions across nine intensity levels (20 pairs each). The
intensity measure and annual rate of exceedance are reported in
Table 10.

The case study buildings were designed based on the design
hazard curves provided in NZS 1170.5:2004 [15], also plotted
in Figure 5. The comparison suggests that for this specific site
in Wellington, the design hazard curves overestimate the rates
of small to moderate intensity earthquakes and underestimate
the rates of moderate to large earthquakes. This highlights the
importance of updating the design standard to incorporate the
most recent hazard information. The latest revision of the
NSHM was released in 2022 [29]. In the future, when the design
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standard is updated, the case study building design and ground
motions may be updated. With that being said, the results from
this study still provide valuable insight into the impacts of the
inelastic-spectrum-scaling factor (design ductility) and design
importance level on base-isolated building performance.

=
s
g —— Design (NZ51170.5:2004
5 011 —=- GMs (2010 NSHM)
el
(7]
@
o
x
[ 1]
S 0.001
@
£=3
[
=
=
£ 1le-05 . .
< 0.01 0.1 1
Sa(1s)[¢]
a)
=
=z
g —— Design (NZ51170.5:2004)
S 0.1 —=- GMs (2010 NSHM)
©
@
(7]
e
>
[}
S 0.001 4
]
[
T
2
c 1le-05 r .
< 0.01

0.1
Sa(2s)[q]
b)

Figure 5: Design hazard curves and ground motion hazard
curves for the Wellington site, a) spectral acceleration at 1.0s
and b) spectral acceleration at 2.0s.

Numerical Models

The 3D numerical models of the case study buildings are built
in OpenSees [30]. Probable material properties are assigned to
reflect the expected characteristics. The RC superstructure
model consists of walls and gravity frames, which are tied
together by the floor diaphragms, as illustrated in Figure 6. The
RC walls are modelled with the elastic Timoshenko beam
elements [31] with an effective cracked section stiffness [21].
Rotational plastic hinges with Takeda hysteretic properties
[32], shown in Figure 7, are placed at the bottom of the walls.
No strength degradation is modelled for the walls. The initial
and post-yield stiffnesses of the wall and hinge elements are
calibrated to account for the “springs in series” effects. The
gravity columns are modelled as elastic truss elements with
reasonably large axial stiffness, to provide gravity support and
allow application of gravity loads for P-Delta actions. No beams
are modelled in the upper levels of the RC wall building,
assuming that there is no coupling effect and walls act as
cantilevers. The floor diaphragms are assumed to be rigid in-
plane and constraint the vertical elements in the horizontal
directions. The seismic mass and gravity load are applied at the
RC wall and gravity frame nodes based on their tributary area.

Table 10: Ground motion information at each intensity.

IL1 IL2 IL3 1L4 ILS IL6 IL7 ILS8 IL9
Annual exceedance rate, im  0.10000  0.03219  0.01386  0.00446  0.00211 0.00103  0.00040  0.00020  0.00010
Return period, RP [yrs] 31 72 224 475 975 2475 4975 9975 24975
SA (1s) 0.07g 0.13g 0.32¢g 0.57g 0.89¢ 1.36g 1.75¢g 2.17g 2.78g

SA (2s) 0.02g 0.05g 0.14g

0.26g 0.41g 0.63g 0.83¢g 1.04g 1.36g
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Rigid floor diaphragm
(flexible out of plane)

Lumped
mass node

RC wall

Gravity

plastic
hinge

Figure 6: Idealisation of the numerical model of the
reinforced concrete wall superstrcuture.
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Figure 7: An example of RC wall plastic hinging modelled
with the Takeda hysterestic model.

Rayleigh damping model is adopted in the numerical models. A
5% viscous damping is assigned to the first and the third modes.
The damping is proportional to the last committed tangent
stiffness. Note that the Rayleigh damping is only applied to the
superstructure  to represent the superstructure energy
dissipation. The energy dissipation in the isolation devices is
accounted for separately and does not contribute to the Rayleigh
damping to avoid the damping leakage phenomenon [33].
While there is uncertainty as to the best means of modelling
damping [34]-[36], it is considered that the choice of damping
model will not affect the relative performance assessment being
conducted here.

The steel MRF superstructure model shown in Figure 8 consists
of four identical moment resisting frames, gravity columns, and
beams that are again tied together by floor diaphragms that are
assumed to behave rigidly in-plane. The connection details of
the beams, columns, and joints are presented in Figure 9. The
beam and column members are modelled as elastic Timoshenko
beam elements [31]. The beam hinges are located a certain
distance away from the column faces to reflect the behaviour of
RBS moment connections, whereas the potential column hinges
are located at the beam faces. A rotational spring is placed at
the centre of the beam-column joint to capture joint zone
deformation.

The modified Ibarra-Median-Krawinkler deterioration model is
used to model the beam and column hinges [37]. For RBS
hinges, the moment-rotation curves, including the cyclic
deterioration parameters are estimated based on the equations
proposed by [38]. Whereas the moment-rotation curves for
column hinges are estimated based on [39]. An example of such
a beam and column hinge is shown in Figure 10. Note that for
the sake of numerical convergence and computational

efficiency, a large number has been assigned to the ultimate
rotational compacity, meaning the residual strength would not
drop to zero. The building collapse is instead identified as part
of the post-processing procedure (see later section).

Rigid floor diaphragm
(flexible out of plane)

Lumped

mass node
Steel moment

resisting frame

Gravity

Figure 8: Idealisation of the model of the steel moment
resisting frame superstructure.

Elastic beam section = FElastic column section

=3 Column hinge

Rigid |

RBS hinge
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rotational spring Panel zone

Figure 9: Idealisation of the numerical model of the beam-
column-joint with reduced beam section connetcions.
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Figure 10: An example of the modified IMK model used to
model the RBS hinges and potential column hinges.

The beam-column joints are modelled using the Scissors model,
which is a variation of the Krawinkler’s Model [40] and first
appeared in [41]. Previous study has presented detailed
derivations and comparisons of these models [42]. Within the
joint region of the Scissors model, the beam and column
members are rigid and form a pair of scissors with a rotational
spring in the middle, as described in Figure 9. The rotational
spring follows a trilinear moment-rotation curve, see Figure 11.
The deformation is contributed from the panel zone shear
deformation and column flange deformation. The parameters of
the rotational spring are estimated using the equations derived
by [41,42].
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Figure 11: An example of the trilinear hysterstic model used
to model the beam-column joint deformation.

The isolation plane is located below the superstructure model,
and its components include LRBs, FSs, and grillage beams. The
LRB elements have a finite length of around 0.5 m and
modelled with six springs; three translational springs and three
rotational springs. The two horizontal translational springs are
coupled and have a bilinear stress-strain curve, shown in
Figure 12. Whereas the rest of the springs are elastic and have
realistic stiffness values estimated based on the LRB properties.
The FSs also have a finite length that is equal to the LRB height
for modelling convenience, and the sliding movement takes
place at mid-span. In the horizontal translational direction, the
stress-strain behaviour is modelled using a Coulomb friction
model with a constant coefficient of friction of 4%. Studies
have shown that the coefficient of friction depends on normal
stress, velocity, temperature, and other parameters [43].
However, the variation has a minimal impact on the structural
response in this study, as the FSs are designed to mostly provide
vertical support. The axial stiffness of the FS in compression is
assumed to be relatively high such that the axial strain is
insignificant. Whereas the axial stiffness in tension and all
rotational stiffness are assumed to be zero. As mentioned
previously, the isolators are connected by grillage beams, and
the building stiffness can be sensitive to the grillage beam
stiffness. To capture the flexibility of the grillage beams, they
are explicitly modelled using elastic beam-column elements. In
addition, the stiffness of the floor slab is also considered by
modifying the grillage beam’s effective width [22]. The
consideration of bearing’s deformability in the axial direction
and the base level stiffness is an attempt to capture the variation
in axial loads due to overturning moment and the transferred
axial loads at large displacement due to vertical stiffness
incompatibility between the LRBs and FSs, as observed in the
experimental test [44].
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-300 T T

—-400 -200 0 200 400
Displacement [mm]

Figure 12: An example of the bilinear hysterstic model used
to model the lead rubber bearing.
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Pushover Analysis

Nonlinear static analysis (also known as the pushover analysis)
is performed to understand the system behaviour of the RC wall
and steel MRF models and the possible reasons that may cause
different structural responses. As described earlier, each RC
wall has a rotational hinge with a 5% strain hardening at the
base, whereas for the steel MRFs, there are two hinges assigned
to each beam and column. The progressive yielding of all these
hinges in the MRF can result in a higher effective stiffness
compared to the equivalent RC wall structure, as seen in the
example shown in Figure 13. The the base shear shown in
Figure 13 is normalised by the self-weight of the superstructure,
which is assumed to be the same in this case.
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Figure 13: Pushover curves (superstructure only) of the
isolated IL2 and IL4 RC wall and steel MRF buildings.

Figure 13 also shows that the IL4 steel MRF has a higher initial
stiffness compared to the IL4 RC wall. This is likely a result of
the capacity design requirement. Both structural typologies
were designed using the same checks reported in Table 2, but
to satisfy the capacity design requirements, the columns in the
steel MRF were designed to be much stronger, which resulted
in a stiffer design. On the other hand, the capacity design
requirement in RC wall building is related to the transverse
reinforcement, which does not change the flexural strength or
stiffness. Therefore, the initial stiffness of the steel MRF
structure can sometimes be higher than the RC wall structure.

Non-linear Time History Analysis

The NLTHA are performed using the ground motions described
earlier with reference to Table 10. The numerical models are
loaded bi-directionally, with no vertical excitation. The
equation of motion is solved using the Newmark average
acceleration method [45]. The integration time step is initially
set to be 0.005s, but if non-convergence is encountered, the time
step is automatically reduced to as low as 0.00001s. The norm
of the displacement increment is used for a convergence test
with a tolerance of 1 x 10, Second order analysis is performed
assuming the displacement, rotation, and strain are small
compared to the overall structural dimension. The analysis
accounts for the second-order P-A effects via a linear geometric
transformation [46].

The Peak Storey Drift (PSD) and Peak Floor Acceleration
(PFA) for all storeys are recorded during the NLTHA. In
addition, for base-isolated buildings, the maximum isolator
displacement (combined from orthogonal directions) is also
recorded. An example of the PSD of the base-isolated RC 1L2
building is presented in Figure 14. A lognormal distribution is
fitted to results at each intensity to obtain the median and
dispersion values. Note that if the building collapsed, its
structural response is not included when calculating the median,
this is because some of the collapsed results have extremely
large values due to numerical issues. When more than 50% of
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cases collapsed at an intensity, the median value is less
representative of the trend in total median demands, and is
therefore not shown.
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Figure 14: An example of the processed multi-stripe analysis
results (median and dispersion are conditioned on non-
collapse).

Collapse Analysis

At large shaking intensities, excessive building deformation can
cause damage that is not repairable and could result in building
collapse. In this study, buildings are thought to collapse when
either the superstructure or the isolators have reached their
maximum deformation capacity. For the steel MRF structure,
superstructure collapse is defined by the fracture of the reduced
beam section or column failure. The fragility functions for such
damage states have been investigated in a number of studies.
The constitutive model used to model RBS hinges in this study
recommends an ultimate rotation of 5 % to 6% [38]. However,
this estimation varies largely depending on the loading history.
FEMA P-58-3 recommended a median storey drift ratio of 5.3%
with a dispersion of 0.3, or a beam plastic hinge rotation 0f4.7%
with a dispersion of 0.3 [47]. Another study recommended a
median storey drift of 5.0% with a dispersion of 0.31, or a joint
plastic rotation of 4.1% with a dispersion of 0.37 [48]. Based
on the available information provided in the literature and
available results from the NLTHA, the beam plastic hinge
rotation capacity is assumed to have a median value of 4.7%
and a dispersion of 0.3. In addition, a 10% storey drift limit is
imposed to capture the column failure at the base. Recall that
the steel MRFs are capacity designed and will develop a strong
column-weak beam failure mechanism.

For the RC wall structure, superstructure collapse occurs when
the drift demand calculated from roof displacement exceeds the
ultimate wall drift capacity, which is defined as the roof
displacement at which the wall strength degrades to 80% of its
peak strength. Equation (3) is used to estimate the drift capacity
for walls with boundary elements [49].

) A Vv
—< (%) =385 -2 —_max 3)
hy a  0.83,/f/MPa

Where 4, is the ratio of the neutral axis depth to compression
zone width multiplied by the ratio of the wall length to
compression zone width; a considers the configuration of the
transverse reinforcement within the boundary elements; v, 4, is
the maximum shear stress; and f is the concrete compressive
strength. For the shorter walls in the X-direction (around 3m
long), the wall drift capacities are 3.5% to 3.8%. For the longer
walls in the Y-direction (around 6m long), the wall drift
capacities are 1.7% to 2.7%. The value estimated using
Equation (3) is treated as the median drift capacity with an
assumed dispersion of 0.3. It is worth noting that the collapse
definitions for both steel MRFs and RC walls may be

conservative, and there could still be residual strength in the
buildings after a RBS fracture or a 20% drop in peak strength.
However, the relative comparisons of the building performance
are likely to hold and the conclusions made in this paper about
relative performance should not be impacted.

In addition to the superstructure, the failure of the lead rubber
bearing isolators occurs when the shear strain exceeds a
threshold. The shear strain of the LRB is defined as the
horizontal displacement normalised by the total thickness of the
rubber layers. Experimental test results related to the ultimate
shear strain of LRBs are limited and show a large variation [50-
57]. Therefore, the fragility function of the LRB is assumed to
have a 5" percentile of 250% shear strain (equivalent to
630mm), as this is the design limit recommended by the NZSEE
guidelines. Together with an assumed dispersion of 0.3, the
median shear strain capacity is calculated to be 410%
(equivalent to 1033mm). Future research should aim to generate
more data to support or update this number.

Compute Collapse Fragility Function and Annual Collapse
Rate

In the previous section, the collapse conditions of the case study
buildings were defined. In this section, the method used to
develop building fragility functions and collapse rates is
presented. The annual rate of collapse (A.) is computed using
Equation (4).

Moo
A = f P(collapse|IM = x) * |dA;(IM > x)|  (4)
I

Mo

Where P(collpase|IM = x) is the collapse fragility function
which describes the probability of collapse at a given intensity,
IM = x. The term |dA;,(IM > x)| is the derivative of the
ground motion hazard curve and provides the rate of occurrence
of the ground motions with intensities between x and x + dx
[58]. [IMy, IM,] is the analytical integration domain. IM, is
defined such that the collapse probability below this intensity is
small so that it has a negligible impact on the annual collapse
rate. Similarly, IM,, is defined such that the rate of occurrence
beyond this intensity is sufficiently small that it has a negligible
impact on the annual rate of collapse.

The collapse fragility function is developed using the Maximum
Likelihood method. For NLTHA results, the probability of
observing z; collapses out of n; ground motions at each
intensity level can be modelled using the binomial distribution,
assuming the collapse is independent between each ground
motion. The product of these binomial probabilities gives the
likelihood for the data set. The Maximum Likelihood method
can be applied to find a median (6.) and a dispersion (f5.) to a
lognormal distribution such that provides the highest likelihood
of producing the observed data set [59].

Uncertainty Treatment

There are uncertainties associated with each step of the analysis.
For example, FEMA P-58-1 suggests that the modelling
uncertainty () is associated with the quality of the analytical
model (B;) and level of building definition and construction
quality assurance (f.) [24]. Assuming an average quality
analytical model (8, = 0.25) and a high construction quality
assurance (B, = 0.1), the overall modelling uncertainty is
Bm = V0.252 + 0.12 = 0.27. The record-to-record variability
(Br¢r) in ground motions is accounted for by using multiple sets
of ground motions. There are also uncertainties associated with
the assumed building capacity, as alluded to earlier when
defining the collapse conditions.

The B,, and B, can be combined using the Root Sum Square
(RSS), under the assumptions that they are independent, and
their distributions are lognormal. However, recall that collapse



is multicriteria, and therefore the uncertainties in the
superstructure and isolation plane capacities cannot be directly
combined using RSS. Instead, Monte Carlo simulation is used
to combine the uncertainties in capacities, where 500 samples
are randomly generated from each capacity distribution. For
each generated capacity, summing up the collapse counts and
divided by the number of trials gives the probability of collapse
at each intensity.

Loss Assessment

The loss assessment is carried out using the Performance
Assessment Calculation Tool (PACT) provided in FEMA P-
58-3 [60]. To perform loss analysis, a building performance
model must be constructed first. Note that in this study, only
direct repair cost is considered in the loss assessment, other
secondary losses such as downtime and carbon footprint are not
included.

The building performance model in PACT requires the basic
building information such as dimensions, number of storeys,
building initial cost, and replacement cost. The initial building
cost is estimated based on simplified square meter rates and
does not account for the differing costs associated with different
structural systems and elemental weights. The rates from
Rawlinson’s Construction Handbook [61] for Wellington
region are adopted. In this study, the case study buildings are
assumed to be office buildings. The building cost for a
traditional fixed-base building in year 2023 (adjusted for
inflation) of this size is $10.8 million NZD including the base
building cost and standard fit out cost. It is assumed that the
base isolation design would add 5% to the building cost, which
includes the costs of the isolation devices, consultancy, testing,
and installation. This brings the building cost of the base-
isolated building to $11.4 million NZD. FEMA P-58-1
recommends a replacement cost of 125% of the building value
which includes demolition and site clearance [24]. In line with
the above, the replacement costs for the fixed-base building and
base-isolated building are $13.5 million and $14.2 million
NZD, respectively. FEMA P-58-1 also recommends a loss
threshold of 50% of the replacement cost, as studies show that
owners are likely to replace the building when the repair costs
exceed this loss threshold [24]. The last piece of information
required to complete the building performance model is the list
of damageable structural and non-structural components and
their ~quantities, component fragility functions, and
consequence functions. The buildings in this study adopt the
architectural design for an office building from a previous study
[20], [62]. The damageable components and the reference to the
fragility and consequence functions used in this work are listed
in Table 11. Note that all repair costs have been adjusted for
inflation to the year 2023.

In addition to the performance model, PACT requires a few
inputs to complete the loss analysis, including the hazard curve,
NLTHA results (e.g. PSD, PFA, and isolator displacement) at
each intensity, and the collapse fragility. All of the inputs have
been introduced in the previous sections. 500 realisations are
generated in PACT, the repair costs of every component at
every intensity level are recorded.

Computation of Building Loss Function

With the loss results generated from PACT, one can compute a
building loss function, also referred to as the vulnerability
function. This describes the relationship between the repair cost
and the intensity measure. An example is presented in
Figure 15. Assuming each realisation has the same weight, the
expected repair cost at each intensity is equal to the average
value. The loss function is linearly interpolated between each
intensity level. The probability densities of the realisations are
also plotted in Figure 15 at the return periods of 2475 years and
9975 years, respectively. Noting that there are a significant
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number of realisations that reached 100% replacement cost at
higher intensities, as they either exceeded the 50% loss
threshold or caused collapse.
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Figure 15: The loss function of the IL2 base-isolated RC
wall buidling.

Table 11: Summary list of repairable components included
in the loss assessment.

Fragili Cost
Repairable components ragility os

functions  functions
Structural components
RC structural wall [63] [64]
Steel RBS connections [48] [64]
Column base * *

Drift sensitive non-structural components

Full-height partitions [65] [64]
Partial-height partitions [65] [64]
Interior glazing * *
Exterior glazing * *
Precast stairs * [64]
Acceleration sensitive non-structural components
Suspended ceiling * [64]
Independent pendant lighting * *
Air handling units * *
Traction elevator * *
Water piping & bracing * *
Sanitary waste piping & bracing *
Chiller capacity * *
Ducts * *
Droppers and diffusers * *
Coils * *
VAV boxes * *
Fire sprinkler pipes * *
Fire sprinkler drops * *
Transformers * *
Cooling tower capacity * *

* PACT default fragility library (FEMA-P-58-3) [60]

Computation of Expected Annual Loss

The Expected Annual Loss (EAL) can be computed using
Equation (5).

IMeo
E[C] = j E[CIIM = x] - |dAm (M > )] (5)
1

My

The notation C stands for consequence, which in this case
represents the direct repair cost. E[C|IM = x] is the loss
function described in Figure 15. dA;(IM > x) is the rate of
occurrence of the ground motions with intensities between x
and x + dx, as explained in Equation (4). With knowledge of
the loss function and hazard curve, one can therefore compute
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the EAL. Furthermore, Equation (5) also provides insight into
which IM levels contribute most to the EAL.

IMPACTS OF SUPERSTRUCTURE DESIGN
DUCTILITY AND BUILDING IMPORTANCE LEVELS

Recall that there are 16 case study buildings in total, apart from
the four fixed-base buildings, the rest are base-isolated
buildings with different superstructure inelastic-spectrum-
scaling factors (ky = 1 and k, = 2) and importance levels (IL =
2 and IL =4). This section will discuss the impacts of these
variables on building performance in terms of the structural
response parameters, collapse fragility, annual rate of collapse;
loss function, and expected annual loss. Furthermore, the
impact of imposing a drift limit of 0.5% at the DCLS as a means
of damage control is also investigated (referred to as k, =2 DC
in the following sections).

Structural Response

The median structural response including the PSD, PFA, and
maximum LRB shear strain demands are presented in
Figures 16 to 18, respectively. The shear strain is computed by
normalising the LRB displacement by the total rubber
thickness. The LRB displacement is computed by combining
the displacements in the orthogonal directions at each timestep
of the analysis. The key return periods that correspond to the
design limit states (e.g. SLS1/2, DCLS, ULS, and CALS) are
highlighted. The median values are conditioned on the non-
collapsed cases and are less indicative of the likely response at
higher intensities, due to fewer points being available.

Comparing the PSD demands between the base-isolated
structures with ky = 1 and ky = 2 in Figures 16a and 16b. It is
observed that by permitting a higher k,, the PSD demands
increased by around 50% to 100% across all design intensity
levels. This result is expected, as the higher inelastic-spectrum-
scaling factor is likely to result in a more flexible superstructure
design. Interestingly, the more flexible superstructure design
did not reduce the PFA demands, as suggested by Figures 17a

and 17b. Similar results were observed [66], showing that a
base-isolated braced frame building that had a higher design
ductility reduced the PFA by just 20% but increased the PSD
by up to 75%. Comparing the maximum LRB shear strain in
Figures 18a and 18b, again, a higher ky did not affect the peak
LRB displacement demands at intensity levels lower than 0.6g.
The differences in LRB shear strain become more apparent at
higher intensity levels, possibly due to the superstructure
yielding. The k, = 2 DC scenario with a drift limit at the DCLS
appeared to effectively reduce the PSD demands in most of the
case study buildings.

Considering the impact of the importance level, it is observed
that designing base-isolated buildings with a higher IL does not
necessarily reduce the PSD demands. For example, comparing
the PSD demand of the IL4 RC wall (ky = 1) to that of the IL2
RC wall (ky = 1) in Figure 16, it is seen that the IL4 building
has higher PSD demand. Another example is to compare the
IL4 RC wall (ky =2) with the IL2 RC wall (ky = 2). The PSD
demands are similar at low intensities and a reduction in
demand only becomes more significant at higher intensities due
to the yielding of the IL2 RC wall. The observation above may
be explained by the higher base shear demands experienced by
the stiffer and stronger isolators in the IL4 buildings, recalling
from Table 4 that the IL4 buildings were all provided with
almost twice the base shear strength of the IL2 buildings. The
IL4 steel MRF buildings are noticeably stiffer than the [L4 RC
wall buildings, which is likely due to the capacity design
requirement and post-yield stiffness as explained in Figure 13.
The higher base shear demands in the 1L4 buildings also led to
a 50% ~60% increase in PFA demands, as shown in
Figures 18a and 18b. The amount of increase in PFA appears to
be affected by the stiffness of the isolation system. Increasing
the deign importance level has mixed effects on the maximum
LRB shear strain demands. The shear strain demands would
increase due to the higher base shear but decrease because of
the stiffer isolators.
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Figure 16: The peak storey drift demand (median values) in the base-isolated buildings, a) IL2 buildings and b) IL4 buildings.
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Figure 17: The peak floor accleration demands (median values) in the base-isolated, a) IL2 buildings and b) IL4 buildings.
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Figure 18: The maximum isolator shear strain demands (median values) in the base-isolated buildings, a) IL2 buildings, and
b) IL4 buildings.

Collapse Performance

The base-isolated building collapse is associated with the
failure in the superstructure or in the isolation system and is
sensitive to the definition of the collapse criteria. Recall that in
this study, the RC wall failure is related to roof displacement,
the steel MRF failure is related to beam plastic hinge rotation,
and the isolation system failure is related to LRB shear strain.
The annual rates of collapse of all case study buildings are
compared in Figure 19 and the values are reported in Table 12.
The collapse results show that the annual rates of collapse of
the IL2 base-isolated buildings are around 1.8 to 2.7 x 10*.
Whereas the collapse rates of the IL4 base-isolated buildings
are on average halved, around 1.1 to 1.4 x 10, Better collapse
performance in IL4 buildings is expected because of the higher
structural deformation capacity in RC walls and reduced PSD
demands in steel MRFs.
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Figure 19: The annual rate of collpase of all case study
buidlings located in Wellington.

Table 12: The annual rate of collapse, A, (x 107) of the case
study buildings located in Wellington.

Design Scenario RC RC MRF MRF
L2 L4 L2 L4
Fixed-base 9.0 6.8 8.0 4.2
Blk.=1 1.8 1.1 2.2 1.4
BI k. =2 (DC)* 2.0 1.1 2.1 1.3
Blk,=2 2.7 1.2 2.5 1.3

* Design scenario where an additional drift limit (0.5%) is imposed
at the DCLS

To better understand the isolated building failure mechanism
and the impacts of the inelastic-spectrum-scaling factor and the
importance level on the collapse performance, the individual
collapse fragility curves for the superstructure and the isolator

may be considered separately. For instance, the superstructure
collapse fragility function can be estimated by disregarding the
isolator failure (i.e. by assuming it has enough displacement
capacity), and vice versa. The system collapse fragility curve is
the envelope of the two separate fragility curves. An example
of the three base-isolated IL2 RC wall buildings are plotted in
Figure 20. The medians (0) and dispersions () of the fragility
curves are also reported.
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Figure 20: Collapse fragility curves for the IL2 base-isolated
RC wall building with superstructure inelastic-spectrum-
scaling factors of ku = 1, ky = 2 (0.5% drift limit at DCLS),
and k, = 2.

Among the three case study buildings in Figure 20, the RC wall
building with ky = 1 has the highest stiffness whereas the design
with ky, = 2 has the lowest stiffness. As the superstructure
stiffness reduces, the superstructure collapse median is reduced
as a result of increased PSD demands, as shown previously in
Figure 16a. The LRB collapse median does not seem to be
significantly affected, which again matches the observation in
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Figure 18a, where the LRB shear strain appears to be unaffected
by the change of k,.. The shifting of the superstructure collapse
fragility curve can sometimes result in a change of failure
mechanism, as seen in Figure 20. Note that moat wall impact is
not included in the scope of this study. The impact can amplify
the superstructure demands depending on a few factors such as
stiffness of the contact elements, impact speed, etc. This may
affect the collapse performance of the base-isolated buildings
and should be investigated as part of future research. One option
to improve the collapse performance of base-isolated buildings
is to provide additional isolator displacement capacity given the
superstructure is designed with ky, = 1. If a higher ky is adopted,
then the designer should consider applying a drift limit at the
DCLS to ensure the superstructure is sufficiently stiff to
properly benefit from the isolation devices.

Loss Performance

The total EALs of all base-isolated case study buildings are
reported in Table 13. The loss is due to contributions from
acceleration-sensitive  non-structural components,  drift-
sensitive non-structural components, structural components,
and building replacement. The latter three are related to drift
because the building replacement is mostly induced by building
collapse, which is triggered when a certain deformation limit is
exceeded. Table 13 suggests that the isolated buildings with ky
= 2 on average experienced 60% higher EALs compared to
those with ky, = 1. The higher losses are mostly associated with
increased damage to the drift sensitive non-structural and
structural components (see Figure 21). Imposing a 0.5% drift
limit at the DCLS design intensity seems to have effectively
controlled the damage, as the EALs of the buildings with k, =2
(DC) were similar to those with k, = 1.

Table 13: The total expected annual loss values of all case

study buildings.
RC RC MRF MRF
L2 L4 L2 L4
Fixed-base 0.290% 0.239%  0.276%  0.207%
Blk,=1 0.045%  0.051%  0.043%  0.037%
Bl ky,=2(DC)* 0.042% 0.053%  0.049% 0.041%
Blk,=2 0.088% 0.076%  0.073%  0.049%

* Design scenario where an additional drift limit (0.5%) is imposed at
the DCLS

Comparing the IL4 to the IL2 base-isolated buildings in
Figure 21, the contribution from the acceleration-sensitive
components is increased, and the contribution from building
collapse is reduced. This matches with the previous observation
of increased PFA demands and reduced collapse rates in IL4
buildings. The loss estimation of the IL4 buildings may be
slightly conservative, as all case study buildings share the same
non-structural element fragility library, but some of the non-
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structural elements (e.g. braced elements) in the IL4 buildings
could have higher capacities to comply with the design
requirements. Future research will aim to update the component
fragility library to reflect this difference. Overall, the results
suggest that designing a base-isolated building with a higher
importance level could reduce the EAL, but the amount will
depend on the type and quantity of the acceleration- and drift-
sensitive non-structural components.
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Figure 21: A comparison of the EAL contributions from a)
acceleration sensitive non-structural components, b) drift
sensitive non-structural components, ¢) structural
components, and d) building replacement.

The loss functions of the base-isolated buildings are plotted in
Figure 22. The total repair cost increases with the intensity
measure in a trend that appears to be somewhat bilinear.
According to Figure 22, at a given shaking intensity, the L4
buildings on average cost less to repair compared to the 1L2
buildings. However, at a given limit state, the 1L4 buildings
experienced higher losses compared to the IL2 buildings. For
instance, the repair cost ratios at the ULS for IL4 buildings are
around 20%, whereas the repair cost ratios for IL2 buildings are
around 5 to 10%. This would suggest that the building loss
performance is slightly inconsistent across different importance
levels.
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Figure 22: A comparison of the loss functions obtained for base-isolated case study buildings.



COMPARING PERFORMANCE OF BASE-ISOLATED
BUILDINGS TO FIXED-BASE BUILDINGS

This section will discuss the performance of the base-isolated
buildings compared to fixed-based buildings. The building
performance in terms of structural response, annual rate of
collapse, and loss due to direct repair costs are discussed. The
comparison of median PSD demands is plotted in Figure 23.
Note that the demands are plotted against the return period
instead of spectral acceleration for the convenience of
comparing the fixed-base buildings with base-isolated
buildings, because their NLTHA results are conditioned on
different intensity measures (i.e. Sa (1.0s) and Sa (2.0s)). At the
ULS shaking intensity, the PSD demands for IL2 fixed-base
buildings are around 2% to 2.5%, whereas for IL4 fixed-base
buildings they have reached 3.5% and exceed the design drift
limit. The unconservative results may be explained by the
underestimation of the rates of higher intensity earthquakes in
the current design code [15], as suggested by Figure 5. In
comparison, the PSD demands for base-isolated buildings have
reduced to between 0.5% and 1%.
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Figure 23: A comparison of the peak storey drift between the
fixed-base and isolated buildings.

The comparison of median PFA demands between the base-
isolated and fixed-base buildings is plotted in Figure 24. At the
ULS shaking intensity, the PFA demands for IL2 fixed-base
buildings are around 0.8g to 1.3g, and for IL4 fixed-base
buildings the demands are 1.3g to 1.6g. The PFA demands have
reduced to 0.3g and 0.6g for the IL2 and IL4 base-isolated
buildings, respectively. The comparisons suggest that the base-
isolated buildings have better performance in terms of structural
responses.
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Figure 24: A comparison of the peak floor accleration
between the fixed-base and isolated buildings.

The annual rates of collapse of the fixed-base buildings were
previously plotted in Figure 19 and reported in Table 12. The
IL2 fixed-base buildings have the highest annual rate of
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collapse which on average is 8.5 x 10, followed by the 1L4
fixed-base buildings with an average of 5.5 x 10*. With base
isolation, the average annual rates of collapse of IL2 and IL4
base-isolated buildings are reduced to 2.2 x 10 and 1.2 x 104,
respectively. The EALs of the fixed-base buildings were
reported in Table 13 and the breakdown of component
contributions were plotted in Figure 21. The average EALs are
0.28% and 0.22% for the IL2 and IL4 fixed-base buildings,
respectively. In comparison, the average EALs are 0.06% and
0.05% for the IL2 and IL4 base-isolated buildings, respectively.
The above comparisons demonstrate that base isolation can
effectively reduce the annual rate of collapse and expected
annual loss by a factor of four.

The loss functions of the fixed-base buildings and base-isolated
buildings are plotted in Figure 25. It can be seen that the total
direct repair costs for the fixed-base buildings start to depart
from zero at a return period of around 75 years, whereas the
increase in total direct repair cost for base-isolated buildings is
not observed until around 250 years. This suggests that the
base-isolated buildings are less likely to experience damage
under low to moderate intensity earthquakes.
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Figure 25: A comparison of the loss functions obtained for
fixed-base and base-isolated buildings.

CONCLUSIONS

This study investigated the performance of base-isolated
buildings designed following the recommendations provided in
the NZSEE/MBIE base isolation design guidelines. This work
was motivated by observations internationally [8] that base-
isolated buildings may not perform well relative to other
building typologies without suitable design provisions, whilst
also recognising that the NZSEE/MBIEs guidelines have not
undergone significant testing to date. The performance of the
case study buildings was assessed by following the FEMA P-58
framework [24], and by examining values of peak storey drift,
peak floor acceleration, maximum isolation displacement,
annual rate of collapse, and expected annual loss. Comparisons
were made between the isolated buildings and traditional fixed-
base buildings. In addition, the impacts of permitting a higher
superstructure design ductility (controlled via the inelastic-
spectrum-scaling factor, k) and a higher importance level were
also investigated.

In total 16 case study buildings were designed for a site in
Wellington, New Zealand. The buildings can be divided into
four groups; RC wall (IL2), RC wall (IL4), steel MRF (IL2),
and steel MRF (IL4). Within each group, there were four
building designs, including a fixed-base building and three
base-isolated buildings with ky = 1, ky =2 (0.5% drift limit at
DCLS), and k, = 2. All buildings were four storeys tall and
possessed the same architectural layout assuming office
buildings. The isolation plane consisted of lead rubber bearings
in combination with flat sliders.
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Three-dimensional numerical models were constructed in
OpenSees, and NLTHAs were performed using 180 ground
motions at nine intensity levels. Results showed that:

The collapse and loss performance of the isolated buildings
(designed using Sp = 1) was superior compared to the
traditional fixed-base buildings. The PSD demands were
reduced by up to five times and the PFA demands were
reduced by up to three times. The average annual rate of
collapse of the fixed-base building was found to be four
times higher than the base-isolated buildings (rates of 5.5 to
8.5 x 10 versus 1.2 to 2.2 x 10%, respectively). The
average EAL of the fixed-base buildings was also found to
be four times that of the base-isolated buildings (EAL
values of 0.22% to 0.28% and 0.05% to 0.06% of the
building replacement cost, respectively).

A higher superstructure ky in a base-isolated building
tended to worsen the relative performance. Increasing ky
from one to two (and maintaining S, = 1 in both designs)
increased the PSD demands by 50% ~ 100% and did not
reduce the PFA demands. As a result, the EAL was higher
due to the increased damage in drift sensitive non-structural
and structural components. In terms of collapse
performance, it was observed that the failure mechanism
was governed by isolator failure with k, = 1. But with an
increase in ky, the superstructure fragility curve shifted to
the left and sometimes governed the system failure
mechanism, resulting in a higher annual rate of collapse.

Imposing a drift limit of 0.5% as part of a damage control
limit state check for the design of isolated buildings with a
ky=2 proved to reduce the EAL, compared to the
equivalent buildings without the drift limit. The design
results showed that imposing a drift limit tends to reduce
the superstructure design ductility, which again highlights
the conclusion that a lower superstructure k, can produce a
better performance, provided the building is detailed with
good ductility.

In this work, the IL4 base-isolated buildings were designed
with stiffer and stronger isolators and superstructure
compared to the IL2 buildings, in response to the higher
design seismic demands. Subsequently, the IL4 isolated
buildings experienced higher base shear which led to a 50%
to 60% increase in PFA demands. The PSD demands
increased with the higher base shear but reduced due to the
stiffer superstructure, thus, the overall PSD demands may
or may not be reduced. On average the annual rate of
collapse of [L4 isolated buildings was 50% lower compared
to the IL2 ones, as a result of the higher structural
deformation capacity in RC walls and reduced PSD
demands in steel MRFs. The average EALs of IL4 and 1L2
buildings were similar and are likely to be sensitive to the
type of building usage (i.e. non-structural component types
and quantities).
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